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TAKTIKH FENIKH XYNEAEYEZH THE EEEETM
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Tnv Tpitn 13 Maiov 2008 sie€nxOn oTnv AiBovoa EkSNAwoewy
TNG IXOANG MOAITIKGV MnXavIK@V Tou EMIT n TakTIKA TevIKn
Yuvéhevon TNG EEEETM, n ottoia ATav KAl €EKAOYOATTOAOYIOTI-
KA. H cLVEAELON ALTA NTAV N TTEWTN TTOL CLVEKANON PETA TNV
TEAELTAIQ TPOTTOTTOINCN TOL APBPOL 7 TOL KATACTATIKOL, WE
TNV OTToia KABIEP@ONKe N SLVATOTNTA CLUUETOXNG OTIG WN-
POPOPIEC APXAIPETIAV KAl 81" AAANAOYPAPIag.

ITN OLVEAELON CLUPETEXAY 60 PEAN TNG EEEETM, evad 31 pEAN
eynoeioayv &I' aAAnAoypagiag.

O Mpoedpog TG EkTEAEOTIKNG EMTPOTING MIiXOANG Maxakng
Tmapovoiace TNV EkBeon Mempayuéveoyv TNG aAmo TNV TTpon-
youuevn ekAoyIkn Tevikn Luvérevon TNG 24.05.2005 kal evnue-
pwoe 181aiTEPA TO TWHA YIa TNV Slekdiknon, TNV avaAnwn Kai
TNV TTPOETOIUACIa TOL emmopévou XV European Conference
on Soil Mechanics and Geotechnical Engineering otnv A-
oryva Tov LemreppPpio 2011,

O Tauiag TNg EkTeAeoTikKNG EmTpOTNG MavwAng Boulapdg
TTAPOLCIACE TOV OIKOVOPIKO QATTOAOYIOUO TOL OIKOVOMIKOU
€ToLC 2007 kal o OpéoTng MATTayewPYiov, EKTTPOCWTTOVTAG
NG E€eAeykTikn) ETITpOTIN, TTApovoiace TNy ékBeon TNG ESeAey-
KTIKAG ETmTOOTING.

Ta mempaypéva TNG EKTEAEOTIKAG ETNITOOTIAG KAl O OIKOVOUIKOG
ATTOAOYIOHOG £YIVAV OPUOPOVAG SEKTA ATTO TO CWUA.

(ouvéxeia otnv ceAiba 3)
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TakTikn Fevikn Zuvéleuon Tng EEEEMM 1
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- C. Tsatsanifos “Contribution of geotechnical engineer-
ing in the rehabilitation of buildings and infrastructu-
res” 8
- E. Hoek, C. Carranza-Torres, M. Diederichs and B.

Corkum “Integration of geotechnical and structural
design in tunnelling” 24
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(ouvéxela and Tnv oeAida 1)
EKOEZH NEMNPArMENQN (24.05.2005 = 13.05.2008)
1. EIZAIQrH

H napouoa levikr ZuvéAeuon eival anoAoyIoTIKN Kal EKAOYI-
Kn.

Ta Tpia xpovia nou népacav e Tn BnTeia TNG angpxOuevng
EkTeAeaTIKAG EMITPpONNG ATAV apKeTA nAouUcola O yeyovoTa
Kal dpaoTnpIOTATEG MOU E€PRINTOUV OTOUG okonoUg TnG Eni-
oTnHoVIKAG Jag ETaipeiag cUpgwva Pe To KataoTaTiko Tne.

2. H EKTEAEZTIKH ENITPOMNH

H nponyoUpevn EkAoyikr Fevikn Zuvéleuon Tng EEEEMM
(TéTe EEEE®) nou ATav Kal KaTaoTartikn €AaBe xwpa oTIg
24.05.2005.

Ano auTtnv egeAéyn n EkTeAeoTikl EMITpONA Nou OUYKPOTR-
Onke og owya oTic 23.06.2005 pe Tnv akoAoubn olvBeon:

MNpdedpog

A’ AvTINpoedpog
B’ AvTinpdedpog
lev. MpappaTéag

MixdaAng Maxakng

XpnoTog Toatoavipog
Znupog KaBouvidng
Avdpéag AvayvwaTonouAog

Tapiag : MavoAng Boulapdg
'Epopog : MNwpyog NToUANG
MéEAR : Mavayiwtng BETTag

MixaAng Kappadag
AnunTeNg KoUpouAog

Qg avanAnpwpaTikd péAn eEeAeynoav ol KaTwei:

1. Tiwpyog MnoukoBaAag
2. Kworag KopwvinTng
3. TMwpyog NTouviag

4. Znupocg Manacnupou

>tnv idia Mevikn Zuvéleuon e€eAéynoav yia Tnv EEEAeyKTIKA
EniTponn o1 kaTwoi:

1. Opeorng MNanayswpyiou
2.  AMNEEavdpocg Zoupidng
3. ApigToTeéAng Kapapiotng

H EkteAeoTikr) EmiTponn katd Tnv TpIETH nepiodo Tng BnTeiag
TnG ouvedpiace 24 PoOpEC.

MapaAAnAa dedopévou OTI Ta WEAN TNG NTAv Kal PEAN TNG
OpyavwTikng Enmiponng Tou 5° MaveAAnviou Zuvedpiou
FewTeXVIKNG Kal MewnepIBaAAOVTIKAC MnxavikAg, nou ouvdi-
opyavwbnke pe To TEE, €é\aBe pépog o noAudpiBueg ouve-
dpiaceig TnG eupeiag OpyavwTikng Emimrponng oto TEE, Tng
onoiag npondpeue o lev. MpappaTeéag Tng EEEEMM op. kal.
EMM A. AvayvwoTonouAog.

3. TENIKEZ ZYNEAEYZEIZ

>to didoTnua Tng TpieTiag n E.E. ouykdAeoe dU0 €TNOIEG
TAKTIKEG [EVIKEG ZUVEAEUOEIG, OUPPWVA PE TO KaTaoTaTikd:

- 371G 16.06.2006 (anoAoyIOTIKR Kal KATAoTATIKA WG NPOoG
To apBpo 7)

-3711¢ 11.12.2007 (anoAoyioTIKR)
4. TPOMNOMNOIHZH TOY KATAZTATIKOY

SUPQWVA HE TIG ANOQAcEI§ TwV MeEVIKWV ZUVEAEUTEWV TNG
24.05.2005 kai Tng 16.06.2006, n E.E. npo&Rn oTig anapai-
TATEC EVEPYEIEC YIa TNV Tpononoinon Tou KataortaTikoU TG
ETaipeiag. ZTig¢ 16.02.2007 £kd06nke n andégacn Tou Mpw-
TodIkeiou ABNVMV PE TNV onoia eykpidnke n Tpononoinon Kai
oTig 30.03.2007 £yive n kaTaxwpnon oto BiBAio ZwuaTtesiwv
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Tou MNpwTodikeiou. And TNV nUEpounvia auTtr 10XUEl TO TPO-
nonoiNUEVO KATaoTaTIKO.

YnevOupileTar OTI Ol TPOMOMOINCEIG APOPOUV KUPIWG TNV
enwvupia Tng eTaipeiag nou &yive EAAHNIKH ENIZTHMONI-
KH ETAIPEIA EAA®OMHXANIKHZ & TEQTEXNIKHZ MHXA-
NIKHZ ®oTe va CUNQWVEI PHE TV ENWVUMIA TNG avTioToIXng
Aigbvoug Etaipeiag (ISSMGE) Tng onoiag e€ivar peEAOG Kal
oTov TpOno dieEaywyng TWV apxalpecI®V yia TV avadsign
TWV HEA®V TNG EkTEAEOTIKAG Kal TNG EEeAeykTIKNG EMiTponng
Me Tov onoio diverar n duvaTdTNTa UNOBOARG uUNOWN®IOTH-
TWV Kal anooToAAG YNPOJEATIWOV TaXUSPOUIK®G.

To Tpononoinuévo KaraoTaTiko Kal n diadikaaia wyneoeopi-
ag, 6nwg autn eykpibnke anod Tn I.z. Tng 16.06.2006, on-
HooielTnkav oTo Teuxog ap. 8 Twv «NEwv Tng EEEEMM» nou
€k00ONKe kal dlAVEUNBNKE PE TNV €uKdAIpia TOU €0PTACHOU
TwV 40 XpOVWV TNG €Talpeiag.

5. NEA MEAH

Ano Tnv TeAeuTaia Mevikh SUVEAEUON PEXPI ONMEPA EVEYPa-
¢noav otnv EEEEMM Ta katwbB1 péAn (kata oesipav eyypa-
®ng):

MaupoupdTn Zwn - XpioTiva, MoAImikdg Mnxavikog

ZakeAAapiou Zopia, MoAITIKOG MNXavikog

Iwoneidou KwvoTavTiva, NMoAImkog Mnxavikog

KwvoTtavThg Owpdag, MoAimkdg Mnxavikog

AvaoTaconoulog KwvaTtavTivog, MoAITIkog Mnxavikog

MateéAng HAiag, MoAimikdGg Mnxavikog — FewAoyog

XAipivtZag Mlewpylog, Ap. MoAITIkOG MNxavikog

Mapaykog NikdAaog, MoAITIKOG Mnxavikog

ManaoTtapdTng Znong, MoAITikog Mnxavikog

0. ManaxaTtlakn ZaxapoUAa - Péa, MOAITIKOG Mnxavikog
MSc

11. BoupBaxng Iwdavvng, MoAITIKOG MNxavikog

12. Nanadpdoog NikdAaog, MoAITIkOG MNxavikog

13. ZkuAdkng Eppavounh, MoAimikdg Mnxavikdg MSc

14. AvacrtacodnouAog Iwavvng, Ap. MOAITIKOC Mnxavikog

15. AoUAaAa - Rigby Xaidw, MoAITIkog Mnxavikog

16. MapovikoAdakn Eiprvn, NMoAITIKOg Mnxavikog

17. Nanadakog rewpylog, MoAITIKog Mnxavikog

18. Zevdkn BaoiAikr, Ap. MOAITIKOGC MNXavikog

19. Iwavvidng KwvaoTtavTivog, MoAITIKOG Mnxavikog

20. Mapivoc BaoiAgiog, Texvikog MewAdyoc MSc, DIC

21. Iakwpidou Mapia, MoAITIKOG Mnxavikog MSc, DIC

22. ManaxapaAaunoug rewpyiog, MoAimkdg Mnxavikog MSc,

DIC

23. Zirapéviog NMavayiwtng, MoAITIKog Mnxavikog

24. Moulivog lepacipog, Ap. MoAITikdg Mnxavikog

25. Kepapidag Eutuxiog, MoAImikdc Mnxavikog MSc, DIC

26. KolopnoAng AndaTtoAog, MoAITikog Mnxavikdg MEng

27. Avdpiavonoulog Kwv/vog, Ap. MoAITIKOG Mnxavikog

28. Apunep MATep, MoAITIkdG Mnxavikog

29. Avdpgou Mavayiwtng, MoAITIKOS Mnxavikog

30. Mavvakou ApaAia, MoAITIkog Mnxavikog

31. ZeuyoAng Iwdavvng, MoAImikdg Mnxavikog

32. KaBoukAng Navayiwtng, MoAImkog Mnxavikog

33. Kakdepn KaAAidonn, MoAITikog Mnxavikog

34. Mavakou Mapia, MewAdyog

35. Mdavou ARunTpa, MoAITIKOG Mnxavikog

36. Mnaodékng AvaoTaaoiog, MewAoyog

37. MpouvTtZonouAog Mewpyiog, MoAImikdg Mnxavikog

38. Zapodylou Xapahapnog, MFewAoyog

39. ®opTodakng MeTpog, MOAITIKOG MNXavIKOG

HooeNouhwhE

Eniong evekpibn n eyypaen Tov KATwWOI:

Ndkou ®wew®, MoAImkdG Mnxavikog, FewAoyog
Iwavvidng Iwavvng, MoAITIKOG MNXaviIkog
Fpundapng ®aidwv, MoAITIkdG Mnxavikog
BpetTdg XpnoTog, Ap. MOAITIKOG MNXavikog
MapovikoAdkn Aikatepivn, MoAITIkOg Mnxavikodg
PiCou XpioTivn, MoAITIkdG Mnxavikog
AANeEavdprig XpraTog, MoAITIKOG Mnxavikog

NouhwNhe
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8. Apyupoldng ZwTnpiog, MoAITikdg Mnxavikdg

9. KipTtag EgpavounA, MoAITIkOG Mnxavikog

10. Ktevidou 'OAya — TZoav, MoAITIKOC Mnxavikog

11. Xatgnavtwviou KAgovikn, MoAITIkog Mnxavikog

12. KaveAaidng KwvaoravTivog, MoAImkog Mnxavikog

13. XioTng EuoTtabiog, Ap. Mnxavikog MeTaAAeinv — MeTaA-
Aoupyoc

14. Zaxapdakn KaAAionn, MoAImikog Mnxavikog, M.A.E.

15. EAefoyAou KwvoTtavTivog, ©pacuBoulog: Mny. Metah-
Aeiwv - MeTaAloupyog, MSc, DIC

16. Koupetlng Mrewpyiog, Ap. MoAimikdg Mnxavikodg

6. EKAHAQZH IIA TA 40 XPONIA THZ EEEEr'M

2T 15 Maiou 2007 éAaBe xwpa oTtnv aibouca Tou EBEA
navnyupikn skdnAwaon yia ta 40 xpovia and Tnv idpuon TnG
EEEEO/EEEEIM, katd Tnv onoia €nid6Bnkav avapgvnoTIKEG
nAakETeG ota IdpuTika MéEAR, oToug diaTeAéoavTeg lMpoé-
dpoug TnG EkTeAeoTikng EMITponng kal oTtov €ni 26 GUVEXN
£€tn lev. MpappaTéa TNG.

Stnv ekdnAwaon d06nke OIGAEEN and Tov ouvadeAgo Kai
npwnv MNpdedpo HAia Zwtnponoulo pe Bepa: «Edapounxa-
vikn — MapeABov, Mapov kal MéANov» kal akoAouBnaoe Beki-
wan.

Eniong kKukAo@oOpnoe navnyupikd TeUXOG Twv «NEwv Tng
EEEEMM» (ap. 8).

7. AOHNAIKE= AIAANEZEIZ

a. Z2TIG 23.01.2006 d66nke n 4" ABnvaikn AIGAEEN MewTe-
XVIKAG MNXAaVIKNG HE NPOOKEKANUEVO OMIANTH TOV Kaln-
ynT TnG Ecole National des Ponts et Chaussées Alain
Pecker pe 6épa: “Enhanced seismic design of shallow
foundations: example of the Rion - Antirrion bridge”.

B. =mic 17 MapTiou 2008 38066nke n 5" ABnvaikn AIGAeEn
FEWTEXVIKNG MNXAVIKAG HE MPOOKEKANUEVO OMIANTH TOV
OMOTIHO KaBnyntn Tou EMM Avdpga AvayvwoTomnouAo
ME B€pa: «KabiZnosic enpaveiakwv BEPENINTEWV>.

Kal o1 dUo JIlaAéEeig sixav EalpeTikn emTuxia AOyw Tou ev-
dIaPEPOVTOC MEPIEXOUEVOU TOUG Kal Tou TpOMou napouaia-
ONG Toug Kkal unnp&e padikn NPOCEAEUCN AKPOATWV. TNV
nPwTN €€ auTOV Napsupedn kai o AvTinpdsdpog yia Tnv Eu-
pwnn Tng ISSMGE kabnynTng Roger Frank.

O1 ABnvaikég d1aAéEeig, nou divovTal ava dieTia, gival NAgov
kabiepwuevog Beopoc TnG ETalpeiag pag kal anoteAolv eni-
OTNHOVIKO YEYOVOG.

8. AAAEZ AIAAEZEIZ

- AIGA€EN Tou kabnynti ENPC Roger Frank, AvTinpog-
dpou yia Tnv Eupwnn Tng ISSMGE. O¢fua: «Mikpondo-
oaloi: 'Epeuva kal Eqpapuoyn» (30.05.2005).

- AIGA€EN Tou kabnynti EMM MaUAou Mapivou. Ofua:
«0O1 Nég¢ ZApayyec Baong Twv AAnsiwv: O1 ZApayyeg
Tou Néou Aimva» (07.11.2005).

- AIGA€EN Tou kabnyntr Robert Mair, Tou MavenioTnuiou
Tou Cambridge (enavaAnyn Tng “Rankine Lecture”,
2006) pe 0£pa: “Tunneling and Geotechnics - New Ho-
rizons” (14.09.2006).

- AIGA€En Tng ouvadéApou Avrag AOavaconouUAou,
MoA. Mnx. MSc, unowneiag 31dakTopog MNaven. Berkeley
ME B€pa: «Algpelivnon TNG ZUPNEPIPOPAG TWV ZUCTNHA-
TV AvTiInAnUuupikAG MpooTtaciag Tng Néag OpAesavng
kata Tov Tupwva "KaTpiva” Tng 29" AuyouoTou 2005»
(oe ouvepyaoia pe Tnv EEEE® Tou TEE) (19.12.2006).

- AIGA€En Tou kabnynti Mounir Khalel Berrah Tng
Ecole National Polytechnique Tng AAyepiag pe 0éua:
«The Complete Stochastic Deamplification Approach:
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An Efficient Tool to Describe the Spatial Variability of
Earthquake Motion” (o€ ouvepyacia pe TO EMM)
(18.06.2007).

- NAIGA€EN Tou kabnynt Antonio Gens, Tou MavenioTn-
Miou Tng Catalonia (enavaAnyn Tng “Rankine Lecture”,
2007) pe Bgpa: “Soil - Environment Interactions in
Geotechnical Engineering” (17.04.2008).

AIGAEEEIC NEwv AIDAKTOPWV [EWTEXVIKOV MnXavikwv HE
BguaTa Tng d10akTOopIKNAG Toug diaTpIBng (o€ ouvepyaoia pe
Tnv EEEEO® ToOU TEE).

- Avdpéa Avtwviou, pe Béua: «EQappoyn Mewypapikmv
JuoTnudTtwv NMAnpo@opi®v oTn MeEwTEXVIKT Mnyavikn»
(13.03.2006).

- Tlewpyiou XAgivrda, pe 6fua: <«EkTipnon Movipwv
MeTakiviioewv Adyw ZeiopoU oe Edagikd [Mpavn pe
Xprion  AnAonoinuévng  Avaiuong  OAIgBRnoswv»
(13.03.2006).

- Mpodpopou WapponouAou, Ap. MoA. Mnx. EMIN, pe
0¢pa: «Eda@oduvapikn Mpooouoiwon oTn Zeiodikh A-
vailuon  BdaBpwv  kal  akpoBdBpwv  Fepupwv»
(11.12.2006).

- 'EAevag KoUpoulAou, pe 6éua: «[lMpooopoiwon oTov
duyokevTpioTn TnG Kivnong Bapeéwv pn YdaTtodiaAutwv
Yypwv Punavtov» (11.12.2006).

9. HMEPIAEZ - WORKSHOPS - AIEONH ZYNEAPIA
ZTHN EAAAAA

KaTd Tnv nepiodo nou e&eraleral, éAafav xwpa otnv EAAA-
da e gupeia Kal evepyod CUUHETOXA TWV MEA®V TnG EEEEMM
ol akoAouBeg nuepideg, workshops kai 51bvr ouvedpia.

- 13 + 16.06.2005 “International Workshop on Degrada-
tion, Instabilities and Bifurcation in Geomechanics”,
otnv ABnva (xopnyia 1500€ tTng EEEEIM).

- 11 +12.10.2005 1° EAAnvoianwvikd Workshop pe 8€pa
«AVTIOEIONIKOG ZXeDIA0HOC, MapaTtnpnon SUPNEPIPOPAG
kal Avapaduion OspeAiwoswyv», oTnv ABrva.

- 05.12.2005 Hpepida pe O€upa: «Punavon Edagoug:
MpoAnwn kai Anokatdaoracn» otnv A@nva, (ouvdiopyd-
vwon FewT. Topea EMMN kai EEEEMM).

- 11.01.2007 Hpepida «MewTeXVIKEG EQapuoyeg Mewouv-
BeTikwv YAIK@WvV», otnv ABnva, (cuvdiopydvwon EE-
EEO/TEE ka1 EZIY).

- 01.02.2007 Hpepida “Néeg EEeAiypeveg MeBodol Mnxa-
VIKAG AIGvoIEng Znpayywv”, otnv ABrnva, (cuvdiopyd-
vwon EEEEO/TEE, EEZYE kai MoAuTeXVIKoU ZUAAOYOU).

- 20 + 22.06.2007 AigBveg Zuvedpio pe Bepa “Advanced
Characterization of Pavement and Soil Engineering Ma-
terials:, otnv A6nva, (ouvdiopyavwon EMI, Delft kai
MNaven. Illinois, und Tnv aryida Twv ISAP, ISCP «kai
HESPER).

- 25 + 28.06.2007 4° Aigbvég Zuvedpio MeEWTEXVIKAG ZelI-
OMIKAG Mnxavikng (4™ Int. Conf. on Earthquake Geo-
technical Engineering), otn ©socalovikn, (cuvdiopyd-
vwon ano tTnv enitponrn TC4 tTng ISSMGE, To EpyaoTn-
plo TewTeXVIKAC Tou ApioToTeAeiou MavenioTnuiou Kai
Tnv EEEEIM).

AENTOUEPEIC avaQoOpEG OTIC EKINAWOEIC AUTEC €XOUV MePI-
AnNeBsi ata Telxn Twv «NEwv TN EEEEMM>.




10. 16° AIEONEZ ZYNEAPIO EAA®OMHXANIKHZ KAI
FEQTEXNIKHZ MHXANIKHZ

To ouvedpio npaypaTonoindnke otnv Osaka Tng Ianwviag
(12 = 16 ZenTepBpiou 2005).

H EEEEMM OUMUETEIXE HE 6 AVAKOIVWOEIC NEA®V TNG. Eniong
Ta peEAN I. BapdouAdkng, A. Koupouhog, I'. Tkaletag kai X.
ToaToavipog CUUUETEIXav oTa npoedpeia.

11. 5° TANEAAHNIO ZYNEAPIO FrEQTEXNIKHZ KAI
MEPIBAAAONTIKHZ MHXANIKHZ

To 5° MaveAAnvio ZuvEdpio nou cuvdiopyavwOnke pe To TEE
npayuPatonoinbnke pe emTuyxia otnv =aveln oTto didoTnua
31.05 £wg 02.06.2006.

'EAaBav pépog 560 oUvedpol kal unoBAnRBnkav 227 £pyacieg.
Eniong &yivav 12 €iBikéG opINiEG kal pia evapkTnpia SIAAEEN
anod npookekANUevo opiAnTA (X. Bpertog). To ouvedplo
XQIpETNOE WETAEU AAAwV 0 AvTINpoedpog yia Tnv Eupwnn
Tng ISSMGE k. R. Frank. Me npwTtoBouAia Tng EEEEIM npo-
OKANBNKav OTO CUVEDPIO €KNPOOWNOlI TWV EBVIKWV TewTe-
XVIKOV Evioswv Tov Xwpwv TnG AvaTtoAikng Eupwnng via
va OUMMETAOYOUV ot €1dIKn ouvedpia pe B€pa Tnv didaoka-
Aia ka1 npakTIkA TNG MEWTEXVIKAC MNXAVIKAG OTIC XWPEC au-
TEG.

12. 14° MNANEYPQMNAIKO ZYNEAPIO *TH MAAPITH

To Zuvédplo npaypartonoindnke orn Madpitn oTo didoTnua
24 + 27 ZenTepBpiou, pe ouppeToxr 830 ouveédpwyv, HETAEU
Twv onoiwv 16 péEAn Tng EEEEMM kai Tpeig 'EAANVeEG ouva-
deApol €YKATECTNMEVOI  OTO  €EWTEPIKO. O Tevikog
Fpappatéag A. AvayvwoTonouAog NTav péAog TnG AleBvolg
EnioTnuovikng EmTponng Tou Zuvedpiou kal o AvTinpoedpog
X. Toatoavipog ATav Mevikog sionynTig otnv Kupia Suve-
Opia 4.

Ta péAN pag . MnoukoBdAag kal K. MTIAGKNG CuppETEiIXaV
oto workshop Tng smitponig ERTC12 oTa nAaioia Tou Suve-
dpiou.

O ouvadeAgog I'. AvayvwoTou, KabnynTtng oTo MNavenioTrpio
TNG Zupixng ATav panelist otn Suvedpia ZulATtnong 3.1.

Ta péAn pag I. Mkalétag kai . ABavaconoulog fTav panel-
ist oTig Zuvedpieg ZulnTnong 1.1 kai 4.3 avTioToiXd, AaAAd
dev pnopeoav va napeupebolv oTo SUVEDPIO, AOYW AAAWV
UNOXPEWTEWV.

Ek pépoug Tng EEEEMM uneBAnbnoav oTo Suvedpio kal dn-
HoaleuTnkav oTa MNpakTikd, €81 (6) apbpa peAwv TNnG.

NENTOMEPEIEG YIA TO ZUVEDPIO UMNAPXOUV OTO TEUXOG 10 Twv
«N€wv TnG EEEEMM».

13. AIEKAIKHZH KAI ANAAHWH THZ AIOPIFANQzHZ
TOY 15°° MNANEYPQIIAIKOY ZYNEAPIOY

H EkTeAeoTikr) EniTponr, akoAouBwvTag TG IoxUouoeg diadi-
kaoieg¢ Tng ISSMGE, unéBaAe oTig 17.04.2007 éyypago ai-
TnUa npog Tov Mev. Mpappartéa kar Tov AvTinpoedpo yia Tnv
Eupwnn, yia Tnv avaAnyn Tng diopydvwong Tou 15% MMa-
VEUpWNAikoU Zuvedpiou Edapopnxavikng kai FeEwTEXVIKNG
Mnxavikng otnv ABRAva To ZenTéuBpio Tou 2011, pe Bfua
“Geotechnics of Hard Soils - Weak Rocks”.

AkoAoUBwG NpoéPn OTIG anapaiTnTEG EVEPYEIEG YIA TNV MPOE-
Tolacia Tou OXETIKOU pakéAou d1ekdiknong, NPOKEIPNEVOU va
OIEKDIKNOEI TNV WNPO Twv unoloinwv Eupwnaikwv MewTe-
XVIKOV Evwoswv peA®v Tng International Society for Soil
Mechanics & Geotechnical Engineering (ISSMGE), kaTtd Tn
levikn Toug Zuvéleuon oTa nAaiocia Tou 14°° ECSMGE otn
MadpiTtn.
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H oUvTa&n Tou pakEéAoU anaiTei Tn ouvepyaaoia Pe €EeIBIKEU-
MéEvo Mpageio dlopyavwaong dieBvav ouvedpiwv. la To oko-
no auto n E. E. apoU £AaBe kai a&loAdynoe npooPopeC anod
Téooepa TETold [pageia eneAee To Tpageio «TRIAENA
TOURS & CONGRESS» S.A.

Me Tn BonBsia Tou Mpageiou auTou CUVTAXONKE 0 (PAKEAOC
diekdiknong kai Taxudpoundnke oTiG Eupwnaikeg MewTeXVI-
ke¢ Evwoeig kal oroug afiwpatolxoug TG ISSMGE apkeTEg
MEPEC mpiv and Tnv Mevikn SuvéAleuon TnG 25" SenteuBpiou
2007 otn Madpitn.

>tn levikr Zuveéleuon napeornoav o Mpoedpog, o A' AvTi-
npoedpoc kal o lev. MpappaTtéag Tng EEEEMM kal Tnv na-
pouaiaon Tng d1ekdiknong €kave o deUTEPOG € auTwV ouvd-
deA@og X. ToaToavigpog.

AvTinalog Tng EEEEIM kal Tng ABrvag, Atav n British Geo-
technical Association (BGA) kai To EdipuBoupyo.

KaTtd Tnv wnoogopia n EEEEMM keépdioe Tn diopyavwon HE
WnAQeoucg 22 évavTi 9 eni 31 YnPIoAvTwy.

'HON n E.E. npoxwpnoe oTi¢ diadikacieg oloTaong Opyavw-
TIKAG EmiTponng nou Ba evepyonoinbei Aapeowg PETA Tnv
€KAOYN Kal ouykpoTnon TngG véag E.E.

AenTopEpeleg Ba avakolvwBouv pEow Twv «NEwv Tng EE-
EEMM».

Me andgaon Tng I.Z. Tng 11.12.2007 €neita anod €iorynon
TnG E.E. o MNpoedpoc €EouciodoTnBnke va unoypayel cU-
Baon ouvepyaciag pe To npoavagepBev MNpageio. H oUuBa-
on unoypagnke oTig 14.04.2008.

14. YNOZTHPIZ=H ZYMMETOXHZ NEQN FrEQTEXNIKQN
MHXANIKQN ZE AIEONEIZ EKAHAQZEIZ

Me dandveg Tng EEEEMM éAaBav pépog oe Aiebvn kal Eupw-
naika Suvedpla Néwv FewTexvikwv Mnxavikwv (YGEC) ol
KATWO1 ouvadeAgol:

e 1. Avaoctaconoulog: 3° AieBvéc YGEC, Osaka, Ianwviag
(15 ZenTepBpiou, 2005)

e T1. Avdpéou: 17° Eupwnaikd YGEC, Zaykpeun Kpoariag
(20+22 IouAiou, 2006)

e A. Apandkou, A. Apouddkng: 17° Eupwnaiko YGEC, Av-
kova, ITahiag, (17+20 Iouviou, 2007)

Eniong eykpibnke n ouppeToxn oto 19° Eupwnaikd YGEC,
nou Ba yivel oto Gyér Tng Ouyyapiag, and 4 €wg 6 ZenTeu-
Bpiou 2008, TwV CUVADEAPWV:

e A. NanadonouAou, Kal
e T. AvayvwoTonouAlou

15. AIEONEIZ ZXEZEIZz

15.1 Tevikn ZuvéAsuon TG ISSMGE - EkAoyn Mpoé-
dpou (Osaka Ianwviag, ZenTt. 2005)

H I.Z. Tng ISSMGE €\ae xwpa oTig 11.09.2005 oTa nAaioia
Tou 16°° AleBvoug Zuvedpiou Edapounxavikng kal Ogheio-
oswv oTtn Osaka tn¢ Ianwviag. 3tn .2, kata Tnv onoia
£YIVE Kal ekAoyn Mpo&dpou oupueTeixav 53 EBVIKEG EVOEIC
Kal aAAec 12 Evwoeig eknpoownnlnkav pe €EoucioddTnon
and TIG napouoss. H EEEEMM eknpoownnlnke and Toug
avTinpogdpouc X. Toatoavipo kal =. KapBouvidn.

tn .2, ekTOG and Tnv gkAoyn Mpoédpou (P. Séco e Pinto)
Kal TNV napouciacn Twv JpacTnpIoTATWV TwV TEXVIKWV
EniTponwv, eAneOn anogaacn yia Tn dnuioupyia Opoonovdi-
ac AisBvov M'ew-Texvikwv Evwoswv (Federation of Interna-
tional Geo-Engineering Societies — FIGS) P& GUUPETOXN TWV
ISSMGE, ISRM kai IAEG.
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15.2 Tevikn ZuvéAguon ISSMGE (Brisbane AuoTtpaAi-
acg, OKT. 2007)

H ZuvéAeuon éyive oTo Brisbane Tng AucTpaAiag ota nAaioia
Tou 10™ Australia - New Zealand Conference on Geome-
chanics, 21 + 24 OkTwBpiou 2007.

H EEEEMM dev sknpoownnbnke, aAAa £EoucioddTnos Tov
AvTInpoedpo yia Tnv Eupwnn (R. Frank) va dwoel ek HEPOUC
TNG BeTIKA WAYPO yia TN cuaTtacn ThG Opoonovdiag Aigbvav
Mew-Texvikwv Evwoeswv (Federation of International Geo-
Engineering Societies — FIGS) dnou ol Tpeig dIEBVEIG EVWOEIG
(ISSMGE, ISRM kai IAEG) 8iaTnpouv Tnv auTovopia Toug,
aAAa ouvepyalovTal og KOIVEC OpACEIC, ouvIoTOVTAG Kolveg
Texvikég EniTponég (Joint Technical Committees) yia didago-
pa B<uara.

15.3 ZuppeToxn ot TeXVikéG EmiTponég Tng AlgBvoug
‘Eveong

SNUAvTIKN Unnp&E n CUMMETOXN HEAWV Mag oTIG TeEXVIKEG
Enitponég (Technical Committees) Tng ISSMGE:

TC 3 Geotechnics of Pavements
A. NoiCog (core member)

TC 4 Earthquake Geotechnical Engineering
& Associated Problems
K. MTIAakng (core member)
. Nkagerag
. MnoukoBaAag

TC5 Environmental Geotechnics
M. MavTalidou
A. Koupouhog

TC 17 Ground Improvement
A. MAaTig
TC 18 Deep Foundations
A. Kwpodpduog
TC 28 Underground construction in Soft Ground
Conditions
M. BErTag
3. Ixiva
TC 33 Geotechnics of Soil Erosion

M. ZakeAAapiou

TC 34 Prediction Methods in Large Strain Ge-
omechanics
1. BapdouAdkng (core member)

ERTC 12 Implementation of Eurocode 8
K. MTIAAGkNg
. MkaleTag
. MnoukoBaAag
M. Naxdkng (yia Tn oupBaToTnTa PE TOV
EC-7)

O1 Koivég Texvikég Emitpongég (JTCs) Tng FIGS, OTIG onoigg
£X0UV £niong dNAWOEI CUPHETOXA MEAN Hag Oev €XOUV evep-
yonoin@ei.

Me andgacn Tou Mpogdpou Tng ISSMGE enavevepyonoindn-
ke npooparta n TC 19 (Preservation of Monuments and His-
toric Sites), oTnv onoia CUPKETEXOUV Ta MEAN HAG:

X. Toatoavigpog (Chairman)

M. WapponouAocg (Secretary)
K. MTIAakng (core member)
E. XioTng

H EEEEIM ecival n unelBuvn €6vikn évwon tng ISSMGE yia
Tn dpaacTnpIdTNTA TN ENITPOMNNAG AUTAG.
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15.4 Ena@ég pe ASiopatouxoug TnG ISSMGE

YnAp&av ouvavthosig kal gpihogevia (yelpa) Tou Mpogdpou
TnG ISSGME (P. Séco e Pinto) kal Tou AvTINpo&dpou yia TNV
Eupwnn (R. Frank) Tooo ornv ABRva 6oo kai otn Madpitn
oTta nAaioia Tng diekdiknong Tng diopydvwong Tou 15 ES-
MGE.

16. EYPQKQAIKAZ 7

OAokANpwBNKe N WeTappacn Tou Eupwkwdika 7 (FewTexvi-
KOG Sxed1a0u0G — MEpog 1: levikoi Kavoveg) kal n auvTaén
Tou EBvikoU [MMpooapTrpatog yia Tnv EAAGda and opada
epyaciac anotehoUpevn ano Toug A. AvayvwaTonoulo, M.
KaBpadda, K. KwvoTtavTividou, H. MixaAn, B. Manadonouio
kal M. Maxakn. Ta OXETIKA Keipeva unoBAnGnkav ndn atov
OAZN (nou evepyei yia Aoyapiaocpd Tou YMEXQAE) yia Ta
neEPAITEPW.

Eniong npoxwpei n PeTa@pacn kai tou 2°° Mépoug (ENV
1997-2) nou agopd To oxedlaouo pe BAon TIG EMITONOU KAl
£pYAOTNPIAKEG OOKIMEG.

17. TPANEZA EAADOTEXNIKQN AEAOMENQN

Ta péAn Tng E.E. Tng EEEEMM padi pe péAn Tng Eniotnuovi-
kNG Emitponng EidikdTnTag MoAImikwv Mnxavikwv kai Tng
EidiIkAG EmioTnuovikng Emitponng Eda@opnxavikng kalr Og-
pHeAlwoewv Tou TEE, und popon dtunng enitponng, €Aapav
MEPOG Og ouvedpIdoelg aTo TeXVIKO EnipeAnTrpio, Ye okonod
Tn diatunwon kalr npowlnon npog Tnv lMoAiTeia npoTaAONG
yia Tnv idpuon EAANvVIkAG Tpanelac Eda@oTexvikwv Agdoue-
vwv. H npwtoBoulia nponABs and Tov ouOTIHO KABNYNTN
EMMN k. ©. Taclo, o onoioG GUUMETEIXE OTIC oUVESPIATEIC.
JuykpoTnBnke oAlyopeAng opdada epyaciag yia Tn HeAETN
Tou B€uaTog Kal d1aTUNWGN CUYKEKPIYEVWV MPOTACEWY NPOG
Tnv Aatunn eniTponn.

18. EKAOZEIZ

- 'Apxioe kal ouvexileTal, YE enIPEAEIT TOU AVTINPOESPOU
X. Toatoavipou, n £€kdoon TOU evNUEPWTIKOU OeATiou
«TA NEA THX EEEEM». Méoa otnv €€etaldpuevn nepi-
000 ekdoBnkav déka Tpia (13) Teuxn (ap. 1 €wg 13) ek
Twv onoiwv Ta Tpia (3, 8 kal 9) ot noAuTeAn €kdoon.
To TeUxoC 9 €kddONKe oTnv ayyAikn kai dlavepnbnke
OTIG EUPWNATKEG YEWTEXVIKEG EVWOEIG HE TO PAKENO OI-
ekdiknong Tou 15° Maveupwnaikol Suvedpiou.

- ZuykevTpwOnkav Ta ypanTd KEIPEVA TWV NPOOKEKANUE-
VOV Kal €I8IKOV OMIAI®V, KABMC Kal TwV XAIPETIOHWOV
Tou 5% MaveAAnviou Zuvedpiou FewTeXVIKAG (Zaven,
2006) pe @povTida Tou Mpoédpou Kal Tou ouvadEAPoU
I. NTouvia kal €nsiTa and kanola OToIXEIWdN €KOOTIKA
enekepyacia ekd0ONKe PEOW Tou TEE o 4° TOMOG TwV
MpakTikwv (diaTiBeTal dwpPeAV OTOUC CUUMETAOXOVTEG
and 1o Mpageio AlEBVwV ZxE0ewv Kal ZUVESPIWV TOU
TEE).

19. IZTOZEAIAA

2Ta nAaioia Tng diopyavwaong Tou 15° Maveupwnaikol ou-
vedpiou Ba dnuioupynBei PECw Tou ypageiou dlopyavwaong
IoTooeAida Tou Suvedpiou, n onoia otn cuvéxela Ba napa-
MEiVEl WG 1oTooeNiIda TG EEEEMM.

20. NPOZEXEIZ EKAHAQZEIZ

YNApxouv OXETIKEG avakolvwoelc ota «NEA THS EEEEMM»
TeUXO0G 13.

- 'Exouv apyioel 1dn ouvevvonoeig pe 1o TEE yia Tn diop-
yavwon Tou 6% MaveAAAviou Zuvedpiou TEWTEXVIKAG
kal FewnepiBailovTikng Mnxavikng 1o 2010. Yndapxel
npotaon va diegaxBei ornv Kinpo. EkKpeuei OXETIKN
andé@aon TnG A.E. Tou TEE yia Tov opiopo OpyavwTikig
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Enitponng. H EEEEMM Ba npoteivel Ta dIka TnNG WEAN yia
Tnv O.E. poAig ouykpoTnBei n vea E.E.

- Tnv nepiodo 5 £wg 9 OkTwRpiou 2009 Ba AaBel xwpa To
170 AlgBveg Suvedpio Edapopnxavikng kai FEWTEXVIKAG
Mnxavikng (17™ ICSMGE) otnv AAeEavdpeia Tng AiyU-
nTou. 'Eneita and npooskTikn €niAoyn TG E.E. anesoTa-
Anocav otnv OpyavwTik EmiTponn Tou Zuvedpiou 13
NEPIANWEIG AVAKOIVWOEWYV HEA®V PAC Ol OMOIEC €yivav
anodeKTEG.

21. EYXEZ

H anepxodpevn ekteAeoTikn Enirponr eUxeTal kabe enituxia
oTO €pyo TnG veéag E.E. nou Ba ekAeyei and Tnv napouca
levikn SuvéAeuon.

H véa E.E. €xel va npoypapuaTiosl Kal va UAOMOIRCEl £pyo
nou anaiTei onuavTikn npoondbsia. MeydAo PEPOG TNG Npo-
onabeiag autng Ba €xel oav oToxo Tn diopydvwon Tou 6°Y
MaveAAnviou ouvedpiou kai Tou 15° MaveupwnaikoU ouve-
dpiou MEWTEXVIKNAG.

EAnioupe kal euxopaoTe n véa E.E. va €xel Tnv evepyd ou-
HnapdoTaon Kal GUPHETOXN OTIG OpacTnpIoTNTEG TNG 600 TO
duvaTov MnepICOOTEPWV HEAWV TNG EnioTnuovikng pag Etal-
pEiag yia Tnv euddwWOon TWV OTOXWV TNG.
A6rva, 13 Maiou 2008
MNa tnv ExteAeoTikn Emimponn),

O lev. Npapparéag
A. AvayvwoTonouAog

O Mpoedpog
Mix. Maxakng

>Tn ouveéxela OBlevepynbnke n wngogopia Pe E@OPEUTIKA
EniTponn anotehoUpevn anod Ta peAn . AvayvwoTonoulo, 3.
Kounoyiwpya kai X. MAuTa. EEeAéynoav:

IN'A THN EKTEAEZTIKH ENITPOMNH
TakTIKG HEAN Ol

AvayvwaTtonoulog Avdpeag
Be&TTag Navayiwtng
Boulapag Eppavouni
Maxakng MixanA

KaBBadag Mixanh
KaBouvidng Znupidwv
KoUpouAog AnuATpIOG
NToUANG Mewpylog
Maxakng MixanA
ToaToavigpog XprioTog

Kal avanAnpwuaTika PEAN ol:

Mnapdavng MixanA
NTouvIag Mewpyiog

N'A THN EZEEAEFKTIKH ENITPOMNH
Kapapiwtng ApIoTOTEANG

KopylaAdg ©e6dwpog
MNanayswpyiou OpeoTng
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ZYFTKPOTHZH ZE ZQMA NEAZ EKTEAEZTIKHZ ENI-
TPOMHZ

TNV np®Tn ouvedpiaon TnG VEOEKAeyeioag EKTEAECTIKNG
EmiTponng, oTig 22.05.2008, £€ylve n ouykpoOTNOon Tng O€
oWWa YE TNV NapakdTtw ouveeon:

XpnoTog Toatoavipog
MNavayiwTtng BETTag
MixdaAng Maxakng
MixdAng KapBadag

Mpoedpog

A’ AvTINpoedpog
B’ AvTinpdedpog
lev. Mpapparéag

Tauiag : MavwAng Boulapdg
'Eqopog -
AvanAnpwTng Tapia Mwpyog NToUANG

MEAN : AvdpEag AvayvwaTonouAog
Snupog KaBouvidng

AnunATpNG KoUpouAog

AnogaaioTnke OTI Mpdedpog kai levikdg pappartéag Tng
OpyavwTikAGg EmTponnig Tou XV ECSMGE (ABriva 2011) 8a
gival o1 Avdpéag AvayvwoTonouAog kar MixaAng Maxdkng,
avrioToixa.

Eniong anogaciotnke va npoTtabr otnv Koivr) Je To Texvikd
EnipeAntripio EAAGS0G OpyavwTikh) Enirponn yia tnv diop-
yavwon Tou 6° MMavelAnviou Zuvedpiou MewTEXVIKAG Kal
FewnepiBailovTikng Mnxavikng (Kunpog 2010) va avaredn
n npoedpia TnG oTov nupo KaBouvidn.
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APOPA

Contribution of geotechnical engineering in the reha-
bilitation of buildings and infrastructures

General Report
Main Session 4 “Rehabilitation of buildings and
infrastructures in urban areas”
XIV European Conference on Soil Mechanics and
Geotechnical Engineering”

Christos Tsatsanifos
Managing Director
PANGAEA CONSULTING ENGINEERS LTD, Athens, Greece

ABSTRACT

The infrastructure of a country is the valuable asset which
ensures its social and economic growth. However, ageing
effects, operational reasons, changes in codes and stan-
dards of safety, inadequate past design practices and con-
struction imperfections, natural disasters and war acts, as
well as the recent tendency to reuse abandoned infrastruc-
tures impose their rehabilitation. In this paper examples of
the contribution of geotechnical engineering for the rehabili-
tation of infrastructures, mainly in urban environment, are
shown.

1 INTRODUCTION

“The quality of a nation’s infrastructure is a critical index of
its economic vitality. Reliable transportation, clean water,
and safe disposal of wastes are basic elements of civilized
society and a productive economy. Their absence or failure
introduces an intolerable dimension of risk and hardship to
everyday life, and a major obstacle to growth and competi-
tiveness ... The infrastructure must rank high among our
priorities. We must ensure that our highways and subways
can move us swiftly and safely; that our homes, farms, and
industries are supplied with ample clean water; that we
reduce and safely dispose of the increasing volume of poi-
sonous wastes our society generates; and that we provide
the structural underpinning for a robust and competitive
economy” (National Council on Public Works Improvement,
1988).

In 1889, 2,209 lives were lost when the South Fork Dam
failed above Johnstown, Pennsylvania. The 1928 St. Francis
Dam failure killed 450 persons. During the 1970s, the fail-
ures of the Buffalo Creek Dam in West Virginia, Teton Dam
in Idaho and the Toccoa Falls Dam in Georgia collectively
cost 175 lives and more than $1 billion in losses. Seven
people were killed in Kauai, Hawaii on March 2006 when an
earth dam failed, unleashing nearly 300 million gallons of
water, smashing down trees and sweeping away homes.
The failures of Silver Lake Dam in Michigan in 2003 ($100
million in damages and economic losses of $1 million per
day) and the Big Bay Lake Dam in Mississippi in March 2004
(100 homes destroyed) are current reminders of the poten-
tial consequences of unsafe dams.

At 9:15 am on Friday, October 21, 1966 a waste tip slid
down a mountainside into the mining village of Aberfan,
near Merthyr Tydfil in South Wales. It first destroyed a farm
cottage in its path, killing all the occupants. The slide en-
gulfed the Pantglas Junior School, just below (Figure 1),
and about 20 houses in the village before coming to rest.
144 people died in the Aberfan disaster: 116 of them were
school children.

A massive landslide occurred in the Las Colinas neighbour-
hood of Santa Tecla, El Salvador, Central America as a re-
sult of the M = 7.6 earthquake of January 13, 2001. The
landslide buried many houses in the neighbourhood under
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tons of earth (Figure 2), leaving as many as 1,200 people
dead.

Figure 1. The Pantglas Junior School, Aberfan, South Wales
engulfed by the debris of the flowslide.

Figure 2. Oblique aerial view of landslide that buried Colo-
nia Las Colinas, El Salvador.

A clogged sewer line caused a sink hole in Portland, Ore-
gon, USA on December 2006, which swallowed a truck -
which had been sent to clean the sewer. Natural gas and
water lines were also ruptured in the accident. A similar
accident happened in Guatemala City, Guatemala on 22"
February 2007. A hole of 30.5 m diameter and 49 m depth
opened (Figure 3) swallowing five houses and killing 3 per-
sons. The accident was the result of the leakage of a deep
buried sewer pipe in tuffs (pyroclastic deposits).

A 120-ton concrete beam collapsed onto Interstate 70 in
Washington County, Pennsylvania, USA, barely missing
passing motorists on December 2005, while recently (2"
August 2007) the catastrophic collapse of the I-35W high-
way bridge over the Mississippi river in Minneapolis, Minne-
sota, USA, left 5 dead persons and 111 injured (Figure 4).

The above examples of infrastructures failures show clearly
the need for rehabilitating ageing and imperfect structures.

Furthermore, the redevelopment and reconstruction of ur-
ban areas are essential to ensure economic development.
Since the abandonment of an engineering structure, ap-
proaches to geotechnical design methods have changed.
This, combined with added client requirements and changes
to loadings (especially those of the earthquakes, which are
of prime interest for earthquake prone countries), is an-
other strong reason for rehabilitating infrastructures.
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Figure 3. Leakage of a sewer pipe created a hole of 30.5 m
diameter and 49 m depth in Guatemala City.

Figure 4. Aerial view of the collapsed bridge in Minneapolis
(2" August 2007).

Rehabilitation of old structures, particularly in urban areas,
often means considering existing foundations, bridges and
earthworks for reuse, and it is important to understand the
impact of these old structures will have on modern geo-
technical design. Existing foundations might perform satis-
factorily under new loads, even though they are decades
old. However, they may not satisfy current regulations.

It is common practice that in order to provide safe continu-
ing service, engineering structures require ongoing mainte-
nance, monitoring, and frequent inspections, to assure their
safety. Moreover, based on the aforementioned examples,
after some years in use, their safety is assured by their
rehabilitation, which is required because of:
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- Ageing
- Operational reasons (increasing demands)

- Changes in codes and standards of safety (predicted
increase in extreme events)

- Inadequate past design practices and construction im-
perfections

- Natural disasters (earthquakes, tsunamis, hurricanes-
typhoons, landslides etc.)

- War acts

The “rehabilitation” of ancient monuments could be classi-
fied in the first case, however not with the meaning that all
the monuments would be again usable - habitable, but that
they will be restored to a certain level which is showing off
the monument and safeguarding it and its visitors.

In the latter two cases the rehabilitation required could be
as large as of the scale of a city, like rehabilitation of Bam
City in Iran, after the devastating earthquake of 26" De-
cember 2003, and rehabilitation of Banda Aceh in Indone-
sia, after the catastrophic tsunami of 26™ December 2004,
or of the scale of a whole country, like rehabilitation - re-
construction of Iraq in order to improve and repair the in-
frastructure of the country in the aftermath of the 2003
invasion.

In this paper examples of the contribution of geo-technical
engineering for the rehabilitation of infrastructures will be
shown, some from the authors’ experience, some from the
literature.

2 GEOTECHNICAL INVESTIGATIONS FOR THE RE-
HABILITATION OF INFRASTRUCTURES

The practical implications of good ground condition knowl-
edge are obvious. It can save millions of euros through
informed decisions about remedial works.

Ground investigation on rehabilitation sites often means
considering existing foundations, resulting in too congested
ground. Investigations may involve some form of drilling
adjacent to, or through, existing foundations. Poulos
(2005) mentions that both forms of drilling in pile founda-
tions may have deleterious effects on the piles being inves-
tigated. The drilling of holes adjacent to piles will generally
cause vertical and lateral ground movements and these will
act upon the nearby piles, inducing additional stresses and
movements. These effects may be particularly severe if the
ground is highly stressed. Coring through the pile itself may
cause loosening or even piping of the soil beneath the pile
toe when “breakthrough” is achieved and the underlying
soil is soft or loose. Also, SPT testing of the soil below the
pile base may cause further disturbance if it is not carried
out carefully, and the SPT rods are withdrawn too quickly,
thus causing suction within the soil surrounding the hole.
Thus the investigation process itself may help to accentuate
the problem being investigated.

Rehabilitation projects such as these are likely to see a raft
of sophisticated testing techniques coming into more gen-
eral use. These include the continued evolution of smarter
in-situ tests, such as the use of driven pressure meters and
falling weight deflectometers obtaining stiffness parameters
at swallow depths, as well as other geophysical equipment
as the ground penetrating radar.

In the process of the rehabilitation of the Church of Saint
Peter of the Dominicans (Agios Petros Dominicanon), at
Iraklion, Crete (14™-15" century building), the foundation
conditions of the church were investigated in order to give
reasoning to the differential settlements and the consecu-
tive cracks, which have appeared in the monument. The
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investigations consisted of three boreholes, with SPT tests
on site and laboratory tests, later on, for the definition of
the foundation conditions and a detailed geophysical inves-
tigation, involving seismic / acoustic tomography, for defin-
ing the details of the foundation bodies of the structure. The
results of the geophysical investigation revealed that the
foundation bodies of the church are resting on the bedrock,
however there are some sections of the walls where either
there in no foundation body, or the foundation body is rest-
ing on top of soft deposits (see Figure 5).
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Figure 5. Vertical sections along the longitudinal axis of the
Saint Peter of the Dominicans Church (Polymenakos & Tsat-
sanifos, 2003).

3 REHABILITATION OF BUILDINGS

The rehabilitation of buildings, from the geotechnical engi-
neering point of view, refers, in the most cases, to the re-
habilitation of their foundations. The main reasons for which
this rehabilitation is required are either the uneven settle-
ments, which the buildings may have presented, or the low
bearing capacity of the foundations, compared to the loads
which will be applied.

According to Poulos (2005), the methods for correcting the
uneven settlements of buildings’ foundations can be divided
broadly into two categories:

i. “Hard” methods, which rely on the application of some
form of direct force to the building, like:

- Application of force by anchor stressing
- Application of additional loading

- Cutting of piles, in the case of deep foundations

Jetting of the soil beneath the pile tips
- Jacking of the foundation on the “low” side

- Fracture grouting
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ii. “Soft” methods, which rely on processes which produce
corrective foundation movements by inducing appropri-
ate ground movements, like:

- Soil extraction

- Dewatering

- Compensation grouting
- Removal of soil support

On the other hand, among the options that may be consid-
ered for foundation enhancement works are:

i. Repair of the existing foundations which contain imper-
fections or defects.

ii. Strengthening of the existing foundation by its exten-
sion or addition of new footings and shear beams con-
necting the footings in order to strengthen and / or
stiffen the existing foundation and increase the founda-
tion bearing area.

iii. Underpinning of the foundation by means of oscillated
piles or by means of bored piles constructed through
the body of the foundation.

iv. In case of pile foundations extension of the pile caps or
rafts to provide additional bearing capacity and stiff-
ness.

v. Increase of the footing level of the foundation.

vi. Subsoil improvement (cementation, silication, chemical
and electro - chemical strengthening, high pressure
grouting capable of stabilising the soil mass, deep soil
mixing, etc.).

vii. Provision of a slab underneath the building or a box -
type foundation in the underground area of the building.

viii. In order to protect existing buildings from the uneven
settlements induced by excavations or construction of
new buildings in their neighbourhood, isolation or sepa-
ration trenches can be constructed between the two
structures

The most famous example of the contribution of geotechni-
cal engineering in the rehabilitation of a building is that of
the Leaning Tower of Pisa, where the soil extraction
method has been applied. The tower is founded on weak,
highly compressible soils and its inclination has been in-
creasing inexorably over the years to the point at which it
was about to reach leaning instability (about 5.5 degrees to
the vertical - see Fig. 6 from Burland et al., 2003).

Any disturbance to the ground beneath the south side of
the foundation was very dangerous; therefore the use of
conventional geotechnical approaches at the south side,
such as underpinning, grouting etc., involved unacceptable
risk. Since the internationally accepted conventions for the
conservation and preservation of monuments and historic
sites provided that any intrusive intervention on the Tower
had to be kept to an absolute minimum, permanent stabili-
sation schemes involving propping or visible support were
unacceptable and in any case could have triggered the col-
lapse of the fragile masonry. After a careful consideration
of a number of possible approaches, the International
Committee for the Safeguard and Stabilisation of the Tower
of Pisa, appointed by the Italian Government, adopted a
controlled removal of small volumes of soil from beneath
the north side of the tower foundation (underexcavation -
see Figures 7 and 8). This technique provided an ultra
soft method of increasing the stability of the tower, which is
completely consistent with the requirement of architectural
conservation.
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Figure 6. Cross section of the Leaning Tower of Pisa
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Figure 7. Pisa Tower. Holes for full ground extraction (Bur-
land et al. 2003).

Different physical and numerical models have been em-
ployed to predict the effects of soil removal on the stability.
The preliminary underexcavation intervention, only under-
taken once the Commission was satisfied by comprehensive
numerical and physical modelling together with a large
scale trial, has demonstrated that the tower responds very
positively to soil extraction. The final underexcavation has
attained the target of reducing the tilt of the tower by half a
degree, i.e. to bring the tower “back to future” to the time
just before the excavation of the catino in 1838.
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Figure 8. Pisa Tower. A hole for full ground extraction (Bur-
land et al. 2003).

The technique of soil extraction has been used for rehabili-
tation of buildings longer before proposed by Terracina
(1962) for Pisa. Johnston & Burland (2004) reported the
application of the method as early as 1832 by James Trub-
shaw for the stabilization of the 15 century tower of St
Chad’s church in Wybunbury, South Cheshire. Barends
(2002) gives a full contemporary account of the stabiliza-
tion of a leaning church tower at Nijland by means of soil
extraction in 1866. In the same year it has come to light that
the method of soil extraction was also used to straighten a
100 m high chimney at the Bochum Cast Steel Works in Ger-
many. The report on the work was discovered in the journal
the ‘Zeitschif Bauwesen’ published in 1867 and written by
Haarman - the engineer who executed the work (see Figure
9, Johnston & Burland, 2004). Brandl (1989) has described
the use of soil extraction to correct uneven settlement of piles
supporting bridge piers, while the use of soil extraction has
been widely used in Mexico City to reduce the differential
settlement of a number of buildings due to regional subsi-
dence and earthquake effects, before its application to the
Pisa Tower (Tamez et al., 1997).
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Figure 9. Vertical section at base of Bochum chimney show-
ing the process of soil extraction (Johnston & Burland,
2004).

A similar to the soil extraction approach was proposed by
Poulos et al. (2003) for the rehabilitation of buildings on
piles which have undergone uneven settlements due to
uneven ground conditions, or/and interaction among
closely-spaced buildings, or/and faults in the foundation
piling. The approach, which has been termed the “RSS”
(Removal of Soil Support) method, involves the drilling of a
number of boreholes on the “high side” of the building, so
that restoring vertical movements will be developed within
the area of the building foundation (see Fig. 10). A major
advantage of the method is that it is not intrusive (i.e. it
can be performed outside the building footprint) and can be
controlled and adjusted via an observational approach.
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(a) (b)

(©) (d)

Figure 10. Principle of the RSS method: (a) Tilting of pile -
supported structure (b) Progressive drilling of boreholes on
the “high” side of the foundation (c) Restoration of struc-
ture tilt (d) Grouting of boreholes.

A very interesting example of underpinning for strengthen-
ing the foundation of a historical building was presented by
Sata (2003). The AEB Bank chose a two-storied historic
building for its headquarters in Budapest (see Fig. 11). The
renewal, re-utilisation and enlargement of the building
should follow the original architecture. An underground ga-
rage had also to be constructed, requiring the deepening of
the foundation level.

Figure 11. Architectural section of the renewed AEB Bank in
Budapest.

Jet-grouting was used, and the whole intervention was exe-
cuted as follows:

i. Reinforcement of the external walls, creating a deeper
definitive foundation level - by using the jet-grouting
technology and CFA piling.

ii. Creation of temporary supports for the main brick walls,
by using the already mentioned jet grouting technology.

iii. Construction of the foundation of the final supports of
the brick walls.
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iv. Excavation and construction of the basement slab, con-
struction of the final structure and removal of the tem-
porary supports.

The loads of the internal walls were between 100 and 300
kN per meter and were transferred to the ground, tempo-
rarily, through micro piles (Figure 12).

Figure 12. The AEB Bank building “in the air”

In order to avoid any horizontal movements or / and verti-
cal displacements of the very fragile brick-walls, jet piles
were made on the two sides of the wall, and into them
common steel tubes were placed. The connection between
these so-called micro-pile heads and the wall is shown in
Figure 13.

Figure 13. The connection between the micro-pile heads
and the wall for the AEB Bank building.

Another very interesting case study of rehabilitation of the
foundation of a building is that of the Sweden’s Parliament,
the Sveriges Riksdag.

The building has been constructed on the small island of
Helgeandsholmen in the centre of Stockholm, over a cen-
tury ago and is founded on timber piles. Regional uplift
since the Riksdag was built means that the ground surface
is higher, relative to sea level, than when its piles were
installed. The top 700 mm of the timber piles were exposed
to the atmosphere and were beginning to rot, with consid-
erable risk of settlement as a consequence.

Two main solutions have been considered by the Swedish
Parliament. Initial plans (a solution of the problem was
sought since 1980) were to underpin building with new
piles. More recently efforts have focused on a novel solu-
tion which involved creating a cut-off dam downstream
aiming at restoring the groundwater to the level it was
when the piles were installed, re-immersing the wooden
piles in the groundwater and halting their degradation.
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At the Riksdag the cut-off dam runs along the north side
and then cuts across in front of its main fagade, creating a
curved L-shape (see Figure 14) that connects to the low
weir, marking the transition between the lake and the tidal
Baltic Sea.
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Figure 14. The cut-off dam to restore groundwater below
Riksdag to the level of Lake Malaren

The dam is made up of two rows of jet grouted columns,
extending from 15 m to 30 m in a sandy moraine and pene-
trating 150 mm into rock (European Foundations, 2004).

Madrid’s Prado Museum is the largest art gallery in the
world, but only has space to show a tenth of its immense
collection at any one time. An expansion programme, com-
pleted in 2005, doubled the museum’s capacity by con-
structing the spacious underground Jeronimos extension,
which connects the museum’s main neo-classical Villaneuva
building to the existing cloister of the San Jeronimos
church.

The most geotechnically demanding component of the pro-
ject has been to create a 20 m deep, 46 m by 20 m hole
beside these historic buildings and adjacent roads.

The ground movements were controlled with the novel use
of 34 integrated hydraulic jacks that in effect reacted and
pushed back the retaining walls as they started to move.
The excavation was built top-down and jacks were installed
to connect the two new “floating floors” to the retaining
walls, incorporating a system which measured movement in
the wall caused by the load of the surrounding buildings and
traffic (see Figure 15).

Integrated hydraulic jacks were placed in the top-down installed floor slabs.

Figure 15. The retaining system for the construction of the
Prado Museum’s underground extension
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At each of the two floor levels, separated vertically by 8 m,
17 double-acting 500 t capacity jacks were installed, each
with 100 mm stroke. Individual jacks were equipped with a
positioning sensor to measure movement and a tilting
swivel saddle to compensate for side load caused by non-
centred loads (European Foundations, 2004).

As mentioned before, in rehabilitating old structures one
should consider the existing foundations, and the impact of
these old structures will have on modern geotechnical de-
sign. Existing foundations might perform satisfactorily un-
der new loads, even though they are decades old. The re-
search project “Re-use of Foundations on Urban Sites”
(RUFUS), financed by the 5% European Commission Frame-
work, has aimed at providing ways to overcome the barri-
ers, both technical and non-technical, to the reuse of foun-
dations for sustainable development. The outcome of the
project was presented and discussed at the RuFUS Confer-
ence (19-20 October 2006) and published at the conference
proceedings as well as in A Best Practice Handbook.

Figure 16. The RuFUS rosette.

Finally, rehabilitation of buildings in urban environments
could create damages to adjacent structures. Following a
spell of wet weather in February 2006, several residential
properties in Burgess Hill, West Sussex, experienced foul
flooding. Initially it was believed that the cause was a sim-
ple blocked sewer. However, detailed survey identified that
part of the downstream sewer pipe, located 100 m from the
area of foul flooding, had been damaged during the instal-
lation of pile foundations for a small house extension. The
piles had breached the sewer pipe, located 7 m below
ground surface, resulting in the 450 mm diameter sewer
pipe being filled with 6 m of structural concrete.

The only solution with minimal disruption to the properties
and at a low cost was an in situ repair of the damaged
sewer. The solution involved sinking a 7.5 m deep mine
shaft, from which a tunnel was driven. Steel sheeting was
used for retaining the wall of the 3 m? shaft. The ground
was made up of stiff clay to a depth of 5 m and mudstone
to 8 m. Once the tunnelers reached the sewer pipe, the
heading was driven in both directions, breaking out the
damaged pipe. The erroneous pile foundation was then
trimmed back and supported with a steel bridge that di-
verted its point load to below the invert of the sewer. After
removing the blockage, the sewer was structurally re-
aligned, increasing its lifespan by at least 50 years. The
excavation was then backfilled with concrete (Ground Engi-
neering, 2007).

4 REHABILITATION OF ROADS AND RAILWAYS

The continuous increase of traffic volume, as well as of the
loads of the vehicles using roads and railways and the
freight loadings themselves impose the need for their reha-
bilitation, mainly of the sub-grade - sub-base - pavement
system.
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Pavement rehabilitation problems may be enormously var-
ied and range from the addition of rejuvenating surface
treatment coats and simple overlays to total reconstruction.
Rehabilitation due to normal traffic growth is usually solved
by the use of overlays, whereas reconstruction work is nec-
essary for pavements showing incipient failure (Rodriguez
et al., 1988).

Establishing a criterion for rehabilitation is strictly a matter
of reviewing the circumstances responsible for the unsatis-
factory performance of the pavement. It is far more compli-
cated than simply observing the appearance of superficial
cracks. Unsatisfactory rarely is the result of a catastrophic
failure. Rehabilitation may prove necessary in a pavement
that is appropriately supporting very high volumes and
loads of traffic, but for which maintenance costs are exces-
sively high. The following are the principle criteria that are
usually considered when determining the need for rehabili-
tation (Highway Research Board, 1972):

i. Level of serviceability, estimated, usually, on the basis
of the opinion of a group of users.

ii. Structural condition, i.e. the capacity of the pavement to
support current traffic loads and to continue to do so in
the near future without progressive damage.

iii. Surface condition (irregularities, waves, ruts, and
cracks, not necessarily associated with structural capac-

ity).

iv. Safety usually assessed on the basis of accident statis-
tics.

v. Cost, referring not only to the expenditure required for
rehabilitation, but also to continuing maintenance and
operational costs.

On top of these some less tangible factors, as the antici-
pated increase in traffic volume and vehicle loads to which
the pavement will be subjected, the cost of rehabilitation
work and the availability of funds for its execution, the ser-
vice life anticipated or desired for the rehabilitation work
and the cost of the pavement maintenance, must be con-
sidered.

The usual pavement reinforcement consists of an overlay of
asphaltic concrete or a combination of asphalt concrete and
layers of a granular material that can be stabilised or
treated with asphalt, cement or lime. Geosynthetics can
also be used.

5 REHABILITATION OF SLOPES

The Egnatia Odos project comprises the construction of a
680 km motorway from the port of Igoumenitsa, at the NW
coast of Greece, through Macedonia and Thrace, to Alexan-
droupolis, a city situated near the border with Turkey. A big
part of the motorway “cuts” through the mountains of Pin-
dus and its “wild flysch” formations (melange type forma-
tions consisting of fractured siltstones with sandstone, lime-
stone and clayey schist fragments, of variable size, in a
siltstone matrix), resulted from the thrust of the Pindus
geotectonic zone over the Ionian zone (Tsatsanifos & Pan-
dis, 2005).

Near the village of Anthochori and the town of Metsovo the
alignment of the motorway called for the construction of a
190 m long embankment. The geomorphology of the
greater area as well as the “geological history” of that re-
gion of Greece, which is well known for frequent natural
slope failures, were showing up the existence of old land-
slides, but were not taken into consideration when firstly
designing the embankment. The first indications of the re-
activation of an old landslide were revealed in the form of
embankment settlement and culverts’ cracking, in an early
phase of the project (1994). The works stopped at that
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time, due to change in the alignment of the highway, and
restarted in 2000, when the temporary placement of exca-
vation materials from a nearby cut reactivated again the
pre-existing landslide. Well defined cracks started showing
on the ground surface “shortly” after the excavation mate-
rial from the cut was placed. These cracks kept on propa-
gating, quite rapidly, upslope at a point at which the
boundaries of the whole landslide could be clearly identi-
fied.

Detailed geological and geotechnical investigations were
carried out in order to define the geometry of the slip sur-
face and the geomechanical properties of the soil layers
above, below and along the slip surface itself. The geotech-
nical investigation program was carried out, in a step-by-
step approach following evaluation of all data available as
being acquired.

The sliding mass geomaterial comprised of “completely to
highly weathered siltstone” and “old landslide debris”, in
the form of low plasticity clay with sandstone - siltstone
gravels, underlain by “moderately sheared” siltstone. The
bedrock is in form of slightly sheared siltstone and frac-
tured sandstone.

The inclinometer measurements revealed that the failure
surface develops between the “highly weathered” and the
“moderately sheared” siltstone at a depth ranging from 20
m to 28 m, approximately, with a rate of movement rang-
ing between 7.9 x 10° mm/min and 6.3 x 10 mm/min
(see Figure 17).

Back analyses yielded a factor of safety equal to FS =
1.114, well above 1.00, meaning that the placement of the
excavations’ materials was adding to the stability of the
slope! The picture changed when excess pore water pres-
sures were considered to have been developed within the
low permeability clay formations underlying the fill area.

Back analyses yielded a factor of safety equal to FS =
1.114, well above 1.00, meaning that the placement of the
excavations’ materials was adding to the stability of the
slope! The picture changed when excess pore water pres-
sures were considered to have been developed within the
low permeability clay formations underlying the fill area.

It was found that the rapid (“undrained”) placement of the
excavation material and a raise in excess pore water pres-
sures of the order of 70% (A = 0.70) of the total fill weight,
along the part of the failure surface underlying the area
where fill material had been placed, was sufficient to reini-
tiate the slide (FS = 0.993)(Tsatsanifos et al., 2006).

The stabilization measures selected comprised the con-
struction of a berm at the toe of the landslide - a large re-
taining structure constructed by gabions along the bank of
the Metsovitikos River - combined with a net of drainage
ditches behind the embankment and a drainage blanket
under the embankment. Also, on two ravine beds, passing
through the area of the landslide, Armco tubes, able to
accept differential settlements without being cracked, were
placed under the stabilization fill. Finally, the slopes of the
toe weight were vegetated for preventing their erosion.
Figure 18 shows a general view of the landslide area after
the construction of the embankment and of the remedial
measures.

6 REHABILITATION OF RETAINING STRUCTURES

In 2003, a condition assessment of the retaining wall at
Gibbon Falls, Yellowstone National Park, USA, established
that it was losing its foundation and was in danger of fail-
ing. In addition to conducting a further investigation to bet-
ter understand the condition of the wall and failure mecha-
nism, it was decided to conduct a pilot micropile program.
A micropile was drilled through the face rock of the stone
masonry wall, which added strength and ductility to the
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Figure 18. The Anthochori Embankment on the Landslide
Area after the Construction of the Remedial Measures.

wall, and also provided underpinning several meters into
the wall foundation. The layer of “face rock” averaged 430
mm wide, with the narrowest measured point measuring
approximately 300 mm. The mortar condition in the wall
was unknown, yet anticipated to be highly variable. The
contractor had to comply with several restrictions: no new
grout could be visible, drill rods could not come through the
outer wall face, the casing and bar could not be visible after
completion, and the drill could not sit on, push against, or
vibrate the wall during drilling.

The contractor drilled the micropile on the same batter as
the wall face using high rotational speed (1,000 rpm), and
low down pressure to help maintain the batter (Figure 19).
Drilling progressed without problems through the 8.5 m
wall, through 5 m of gravel and cobbles, and through 3 m
of highly to moderately weathered rhyolitic tuff. Casing was
installed and a 25 mm threadbar was grouted into the hole
through perforations in the casing below the toe of the wall,
under 3 MPa of pressure. When the work was completed,
there were no visible signs to indicate that any significant
disturbance had occurred. The pile added reinforcement and
bearing capacity and preserved the historic structure with-
out impacting the natural resources around the wall (Bar-
rows et al., 2005).
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Figure 19. Micropile installation at Gibbon Falls Retaining
Wall (Barrows et al., 2005).

7 REHABILITATION OF BRIDGES

The differential settlements, which were presented by the
two central piers of a bridge over the Athens - Corinth
Highway, is a classical example of required rehabilitation of
a structure because of lack of geotechnical information
combined with inadequate design practice (Stefanides &
Tsatsanifos, 1995).

The design of the pile foundations of the bridge was based
on the results of boreholes performed for a series of
neighbouring structures, however at a distance of about
100 m (see Figure 20).

The pile tips reached a depth of about 10.5 m below ground
surface, according to the design, where a layer of dense
gravels with sand has been foreseen. However, the design
did not take into account that through that area a small
stream was passing, having created, through its old mean-
ders, different subsoil conditions within short distances.
Thus, while the piles at the north pier reached the gravel
layer, those of the south pier did not and after 15 months
from the beginning of the measurements of the settlements
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Figure 20. Location of bridge with differential pier settle-

ments and of boreholes, on which the design was based.

the south pier had settled by 83 cm compared to the set-
tlement of 16 cm of the north pier (see Figure 21).
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Figure 21. Settlements of the central piers of the bridge
(red: south pier, green: north pier).

Five alternative methods were proposed for the rehabilita-
tion of the bridge, taking into account that the motorway
under the bridge should be in continuous use:

i. Use of small diameter piles and reconstruction of the
pile cap.

ii. Construction of two series of small diameter piles at
both sides of the pile cap and connection of them with
the pile cap.

iii. Construction of diaphragm walls at both sides of the pile
cap and connection of them with the pile cap.

iv. Extension of the pile cap and addition of new piles.
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v. Use of jet grouting to improve the soil over and beneath
the pile tips.

Finally, the decision was made to apply the last method and
the bridge presents no settlements since then.

Nez Perce Creek Bridge in Yellowstone National Park USA
(see Figure 22) was widened in 1996 to allow for increased
traffic and larger vehicles, and to comply with current
safety standards. It has been determined that the stone
masonry piers would not sustain the design seismic loads
but it was important to retain the look of the original work.
One of the steps taken to accommodate these new design
loads was to add steel reinforcement to the piers to make
them more ductile and self-stable, and to isolate them from
the bridge deck. This technique involved placing micropiles
through each pier at 1.5 m spacing, and extending those 3
m into bedrock. The deck isolation was achieved by elas-
tomeric/steel bearing pads which allowed the pier masonry
to remain untouched. The bridge abutments were widened
by deconstruction of the stone masonry and constructing
new concrete core walls for the additional width. To retain
the same masonry look, the walls were faced with original
stones as well as stones conserved from roadway excava-
tion (Barrows et al., 2005).

Figure 22. Nez Perce Creek Bridge at the Yellowstone Na-
tional Park, USA (Barrows et al., 2005).

The Million Dollar Bridge carries the Copper River Highway
across the Copper River near Cordova, Alaska, approxi-
mately 240 km east of Anchorage. The 478.5 m long bridge
consists of four Pratt truss spans that, from south to north,
measure 122 m, 92 m, 137 m and 122 m. The bridge is
supported in the river on three immense concrete piers.
The structure was built in 1909 and 1910. Its name comes
from its construction cost, which exceeded $1.4 million.

In 1964 the structure was severely damaged during
Alaska’s “Good Friday” earthquake (March 27, M = 9.2).
During the quake the southern end of span 4 separated
from pier 3 and fell into the river. Span 3 shifted several
feet on top of pier 3; the pier itself tilted several degrees
from the vertical, and its top part sheared several feet rela-
tive to the bottom part (see Figure 23). Because of this
heavy damage, the authorities closed the structure to traf-
fic.

On March 31, 2000, the Million Dollar Bridge was added to
the National Register of Historic Places, prompting officials
to rehabilitate the bridge and perform a seismic retrofit to
give it the ability to withstand a future earthquake.

The first major repair to the bridge involved raising the
fallen span 4. This was accomplished by erecting temporary
support towers upstream and downstream of the fallen
span.

The other major facet of the bridge’s rehabilitation involved
replacing the damaged pier 3, which appears to have been
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Figure 23. The Million Dollar Bridge after the Alaska’s 1964
earthquake.

constructed in a zone of liquefiable river sands. Liquefaction
of the sands beneath pier 3 is believed to have been the
main cause of the bridge’s failure during the earthquake.
Such liquefaction would explain the observed 5 degree tilt
of the pier and the inferred tilt of the caisson supporting it.
Indeed, span 4 may have fallen off the pier because of that
tilt. As the span fell, it struck the pier and broke that struc-
ture along a construction joint.

To prevent a similar problem in future earthquakes, the
solution seen as most cost effective was to replace the
damaged pier with a hollow pier supported on piles that
would extend 46 m below the riverbed, that is, below the
zone of liquefiable sands (see Figure 24). The new founda-
tion is supported on five piles, each a 1.8 m diameter steel
pipe filled with concrete.

The seismic retrofit will involve installing friction pendulum
isolation bearings, as well as strengthening piers 1 and 2
(massive structures of unreinforced concrete). At these
piers, bundles of three high-strength steel rods - each rod
32 mm in diameter - will be grouted into 140 mm diameter
holes cored through the piers and extending into the cais-
sons below. The rods will increase the flexural strength of
the piers and prevent rocking on the caissons that might
damage the friction pendulum bearings (Ingham et al.,
2007).

Figure 24. Pier 3 replacement at the Million Dollar Bridge,
Alaska.
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8 REHABILITATION OF TUNNELS

The 45 years old 619 m long George Massey Tunnel carries
four lanes of traffic under the Fraser River to the south
west of Vancouver, Canada. Built in an era when little con-
sideration was given to seismic concerns, the tunnel is
made of six 350 m long precast sections in a trench under-
lain by almost 600 m of loose saturated sediments.

Upgrading the tunnel is vital as it is designated lifeline
structure on Vancouver’s Disaster Response Route (a net-
work of land and water transportation routes that will be
open to emergency vehicles only in a post disaster situa-
tion).

Though the quality of the precast concrete was good, there
was only about half the reinforcing that would be used to-
day. This made the structure incapable of handling any
relative movement produced by the new design earth-
quake.

Structural upgrade involved adding reinforcement to ensure
that an earthquake would induce many well distributed
cracks as opposed to a few large ones. The biggest chal-
lenge was finding space where to add steel. Trucks already
“scrape” the ceiling so only the ceiling corners, the floors
and the walls were reinforced, as well as the wind tubes
and the air ducts (see Figure 25).

Figure 25. Crews prepare the main joint between tunnel
sections for structural repair and strengthening of George
Massey Tunnel.

Once the structural upgrades are complete the tunnel will
be able to withstand the rigors of a separate contract to
complete geotechnical upgrade. Earlier concerns of the tun-
nel floating during an earthquake resulted in rock and con-
crete being placed over the tunnel, which add to the chal-
lenge of underwater ground improvement. The plan is to
improve by densifying a 50 ft wide strip along both sides of
the tunnel (65 ft wide near the river bank) and to 30-45 ft
below the mudline using stone columns or timber piles.
Other measures to prevent movement include careful moni-
toring, and alternating the densification between both sides
of the tunnel. (Jurbin, 2006).

The Tymfristos Tunnel has been constructed along the La-
mia - Karpenissi (East - West) Road Axis of Central
Greece. The 1,365 m long tunnel is passing through the
flysch formation of the Pindos geotectonic unit, which con-
sists, mainly, of claystones and slickensided argillaceous
schists. It was designed to be excavated in two phases: top
head and bench, without any provision for the distance
between the top head and the bench excavation. Sprayed
concrete (shotcrete), with wire mesh, steel frames and
rockbolts were considered for the primary lining and a cast
in place, steel reinforced, inner concrete lining.
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Due to contractual problems and lack of funding the project
has proceeded intermittently in three different contracts,
with a halt of more than two years (from September 1995
to October 1997) between the second and third contract.
During this period a 531 m long section of the top head,
already excavated along the whole length of the tunnel, in
an area with a rock mass of poor strength and deformation
characteristics, suffered from excessive deformations, which
destroyed the primary support and led to substantial clo-
sure of the opening (see Figure 26).

F

Figure 26. The maximum squeezing deformation of the
Tymfristos Tunnel was as much as of 2 m.

In the process of rehabilitating the tunnel, a series of forth
and back analyses were performed taking into account the
new ground conditions. The analyses revealed that the de-
formation of the tunnel was due to the squeezing behaviour
of the rock mass (Tsatsanifos et al., 2000) which could be
tackled effectively through the “immediate” closure of the
primary lining ring (Tsatsanifos, 1995). The excavation of
the tunnel cross section along this part (130 m?) was subdi-
vided into top heading, bench and invert drifts, while three
support classes were specified. Shotcrete (0.30 + 0.40 m
thick), with two layers of T131 wire mesh, lattice girders
Pantex 70/30/D30 and systematic rockbolting (13/ 14 6 + 9
m fully grouted bolts at each excavation step) were used for
the primary lining. The excavation step of the top heading
was 1 m and the complete closure of the primary lining ring
was done every 2 m.

An extensive convergence - monitoring program has been
adopted, providing for measuring sections every 15 m. Fur-
thermore, a number of convergence stations have been
installed in several sections ahead of the advancing face of
the excavation, which greatly contributed to the adjustment
of the support measures to the anticipated rock mass condi-
tions.

9 REHABILITATION OF AIRPORTS

Airport operators face growing pressure to keep traffic mov-
ing on the ground while maintaining runways, taxiways and
aprons. An added complexity is the need to assess and up-
grade pavements for increased loadings from bigger planes.
In this case one can apply the same methods already de-
scribed for the rehabilitation of highway pavements.

Figure 27 shows a location of the geotechnical investiga-
tions performed for the design of the rehabilitation of the
Tanagra Airport Runway Pavement. The results of the in-
vestigations and the sub sequent preliminary design re-
vealed that it was more economic to reconstruct the whole
pavement instead of rehabilitating it (Magrioti et al., 2003).
The tricky think in this case was that, since Tanagra airport
is a military airport in a 24 hours operation, the time allo-
cated for the investigations was only one day, hence all the
boreholes and trial pits had to be drilled / excavated and

TA NEA THZ EEEEI'M - Ap. 14 - MAIOZ 2008

the pavement reinstated within this one day. To tackle this
problem, special materials for the local rehabilitation of the
pavement were used.

Figure 27. Geotechnical investigations for the rehabilitation
of Tanagra airport runway pavement.

10 REHABILITATION OF PORTS

The Flour Mills of Nigeria, Inc. port installations at the
Apapa Bay, Lagos, Nigeria consist of a pier of 435 m
length, hosting docks and several storage houses and other
installations necessary for cargo handling. Docking bollards
are developed along the whole length of a 210 m long
gravity wall, built with reinforced concrete, and a 225 m
long Larssen sheet-pile wall. The average sea depth, in
front of the dock, is of the order of 9.80 m, thus limiting
the ship classes the port can accommodate to those with
relative small sinking depth.

The rehabilitation of the whole port installations was found
to be necessary on the basis of the increasing future needs.
In that context, the installations should get modified in a
way that the port will become capable of docking ships of
75,000 DWT in size. In order to do so, it was imperative to
increase sea depth in front of the dock from 9.80 m to
14.50 m. However, given the geotechnical conditions pre-
vailing in the area (soft silty - clayey deposits), such an
increase of the sea bottom depth without taking special
retaining measures could result in severe instability prob-
lems of the existing piers, because of the loss of the pas-
sive resistance that the soil exerts on the “foot” and the
embedded length of the gravity walls and the sheet piles,
respectively. There was a possibility of a deep circular fail-
ure developing underneath the foundation of the gravity
wall, whereas in the case of the sheet pile walls such an
action could result in excessive deformations at the top of
the wall and / or at its embedded part.

In order to make possible the excavation of the sea bot-
tom, a row of bored piles, to be placed prior to the excava-
tion, was proposed, ensuring the stability of the existing
walls. These piles were constructed in front of the gravity
wall, whereas in the case of the sheet pile wall the initial
proposal was to place bored piles on both sides of the wall,
in order to achieve alignment of the pier face. However,
unsurpassed difficulties were encountered behind the sheet
pile wall during the construction of the bored piles. So, in
order to overcome these difficulties, an alternative was
proposed consisting mainly of stabilizing the soil, behind
the existing diaphragm, by “soil-grout” piles, using the Jet
Grouting method.

The single bored piles wall consist of piles of 1.50 m diame-

ter, placed at 2.52 m, distance (from centre to centre),
whereas along the transitional section of the pier, where
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Figure 28. Different sections along the Apapa Bay, Lagos, Nigeria quay wall: (a) Gravity wall area, (b) Steel sheet-pile A area,

(c) Steel sheet-pile B area, (d) Steel sheet-pile C area

two rows of bored piles wall were constructed, these have a
diameter of 1.30 m, placed at 2.52 m, distance (from cen-
tre to centre). All piles reached the depth of -27.30.

In addition, a special arrangement for the pile cap was fore-
seen, in order to accomplish cooperation of the existing pier
wall with the additional retaining measures, as well as an-
choring, so that a part of the horizontal loading (caused by
the waves, the wind etc.) is transferred to the ground.

According to the alternative proposal, two rows of “soil-
grout” piles were constructed, behind the sheet pile wall, in
contact with each other from level +1.20 (bottom side of
the pile cap) down to level -22.00 (coincides with the foun-
dation level of the external “box” of “soil-grout” piles) and a
pile cap, on top of which the bollards were placed. Existing
anchors were connected to the “new” pile cap as suggested
in the initial proposal. Bollard load is primarily borne by the
existing anchors and secondarily by shearing between the
pile cap and the subsequent two rows of “soil grout” piles,
which were ensured through placement of HE steel sections
or steel tubes.

Behind the aforementioned two rows of piles, another group
of “soil-grout” piles were placed, forming a square pattern
cell, of 4.80 x 4.80 m?, from level -2.00 down to -20.00.

Finally, a row of “struts” was constructed in 4.80 m dis-
tances, consisting of three tangential bored piles each, from
-10.00 down to -20.00.

A jet grouting scheme was also foreseen in order to im-
prove soil properties in front of the pier down to -20.00 m,
so that the minimum accepted value of 1.50, for the factor
of safety against general failure of the “soil-pier” system, is
achieved

11 REHABILITATION OF WATERWAYS

The Corinth Canal is a junction of international sea trans-
port and serves ships coming from the Western Mediterra-
nean and Adriatic en route to Eastern Mediterranean and
Black Sea ports and vice versa (see Figure 28). The Corinth
Canal intersects the Isthmus of Corinth and has a length of
6.343 m. The minimum width of the canal at sea level is
24.6 m and bottom width of 21 m at 8 m depth.

The ancient seafarers, in order to avoid the circumnaviga-
tion of Peloponnesus, had to transport their entire ships and
precious cargo intact across land from shore to shore, slid-
ing them on a masonry trail known by the name of Diolkos.

Since early times, a number of spirited souls entertained
thoughts of constructing a canal through the Isthmus. In
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602 B.C., Periander, Tyrant of Corinth and one of the Seven
Sages of Antiquity, was the first man to seriously consider
the possibility of opening a canal through the Isthmus.
Periander is said to have given up on his plans fearing the
wrath of the gods. In 307 B.C., Demetrios Poliorketes made
up his mind to cut a naval passage through the Isthmus.
He actually began excavations before he was talked out of
continuing with it by Egyptian engineers, who predicted
that the different sea levels between the Corinthian and the
Saronic Gulfs would inundate Aegina and nearby islands
with the sea. In Roman times Julius Caesar in 44 B.C. and
Caligula, in 37 B.C. again courted with the idea. In 66 A.D.,
Nero reconsidered earlier plans and, a year later, he set
teams of war prisoners from the Aegean islands and six
thousand slave Jews to work on the canal. They dug out a
ditch 3,300 m in length and 40 m wide, before Nero had to
rush back to Rome to quell the Galva mutiny. The next his-
toric personality to be associated with the canal of Corinth
was Herod of Atticus. He tried, as also did the Byzantines,
but to no avail. The Venetians were next in line. They com-
menced digging from the shore on the Corinthian Gulf but
the enormity of the task made them give up overnight.

FRANCE BLACK SEA

GREECE

DITERRAMEARN

AFRICA

Figure 28. The Corinth Canal and its location.

In the nineteenth century, Capodistrias, the first Governor
of the Hellenic State, commissioned a special study on the
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canal project. The conclusions of that study made Capodis-
trias abandon further consideration. However, a final push
of sufficient threshold energy came to rescue: Another
mammoth-scale canal project, the Suez Canal opened its
gates to naval traffic in 1869. In view of that event, in No-
vember 1869 the Hellenic Administration assigned the pro-
ject to two French contractors, who, however, never started
it. Twelve years later, in 1881, another contractor, a Hun-
garian general by the name of Stefan Tyrr took over the
project. Construction of the canal began on April 23, 1882
and was completed in 1893. By then, the initial contractor
had run dry of funds and was replaced by a Greek Company
under Andreas Singros. Naval traffic in the Corinth Canal
was inaugurated in a brilliant ceremony held on July 25th,
1893. It was indeed a vindication of a dream first conceived
some 2495 years ago.

The rock formations in the flanks of the Corinth Canal con-
sist of Neocene deposits of marls and sandstones. There are
several faults running in east -west direction at a perpen-
dicular angle to the canal axis, some of them seismically
active. These geologic features were responsible for a num-
ber of major landslides into the Canal at several instances.
On account of these landfalls, the Canal often had to be
closed for repairs. The most serious such incident happened
in 1923, when the Canal remained closed to traffic for 2
years on account of 41,000 m® of earth which had fallen in.
Another major interruption of operation occurred in 1944,
when the retreating German Army set explosives to the
flanks of the Canal and caused 60,000 m® of earth to cave
in. To make repairs even more difficult, the Germans also
sunk railroad cars into the canal. It took 5 years to clear the
Canal for traffic then.

In all these cases major rehabilitation works had been re-
quired for the re-opening of the Canal. Currently, in order
to safeguard the passage of the ships through the Canal,
continuous rehabilitation of the slopes is required, as shown
in Figure 29.

Figure 29. Rehabilitation works on the slopes of the Corinth
Canal

12 REHABILITATION OF DAMS

Public safety demands that earth dams either retain their
reservoirs in the event of an earthquake or at worst release
their reservoirs in a manner that does not pose a threat to
life. Existing dams, especially older ones, are now being re-
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examined using more severe earthquakes that their de-
signers envisioned with evaluation methods unavailable to
the original designers. Some of these re-examinations re-
sult in the determination that a seismic hazard exists (Mar-
cusson III et al., 1996).

In order to rehabilitate an earth dam to prevent potential
seismic instability, one must either change the engineering
properties of the dam and / or foundation, modify the ge-
ometry of the existing dam, or both.

Upstream and downstream berms and buttresses are used
to increase the effective overburden pressure on the prob-
lem material and thus decrease its liquefaction potential, or
to increase the failure surface, provide a counterweight to
limit movement and maintain a remnant section.

In some cases excavation and replacement of the problem
material is used, as well as in-situ densification or
strengthening. Both cases result in the decrease of the lig-
uefaction potential of the problem material involved. Simi-
larly, drainage to relieve of seismically induced pore-water
pressures decreases the liquefaction potential.

Finally, an increase in freeboard may, also, be used for
rehabilitating old dams or various combinations of the
aforementioned approaches. Nevertheless, there are cases
where removal of the dam from service or replacement
with a new one was the only feasible solution.

The Saluda Dam is a hydroelectric dam located approxi-
mately 10 miles west of Columbia, South Carolina, USA. It
was built during the late 1920s (completed in 1930) on the
Saluda River. It has been determined that a recurrence of
the 1886 Charleston Earthquake (magnitude 7.3-7.5)
would cause the Saluda dam to liquefy and fail. Such an
earthquake is expected once every 450 years. The Lake
Murray reservoir, behind the Saluda Dam, contains
2,200,000 acre-feet of water. Failure of the Saluda Dam
would cause major flooding for many miles downstream,
including the city of Columbia, flooding a population of over
100,000, with an expected significant loss of life.

The Saluda Dam Remediation Project required the construc-
tion of a new back-up dam, or an additional berm at the
downstream toe of the dam to add stability. The new berm
involved a 4 million cubic yard rock berm section and a 1.3
million cubic yard roller-compacted concrete section (Fig-
ures 29 and 30).

Figure 29. The Saluda Dam after its rehabilitation.

During the inspection in the process of the rehabilitation of
the City of Baltimore’s Loch Raven Dam, Maryland, USA,
one of the main safety issues concerned was the need to
inspect conditions of the dam’s downstream toe to deter-
mine if excessive scouring and undermining of the structure
had occurred.
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Figure 30. Saluda Dam’s typical RCC berm section (Bair and
Koleber, 2006).

To allow construction of the required stilling basin, signifi-
cant excavation was required at the toe of the original
(1912) structure. As this excavation would have decreased
the dam’s overall stability during construction, 57 high-
capacity post tensioned rock anchors were designed to pin
the dam to the underlying bedrock. Installed to resist po-
tential loads created during construction, the anchors also
act in combination with the RCC buttress section to stabilize
the dam against the extreme loading condition that would
occur in the event of a Probable Maximum Flood.

The anchors were installed within the spillway and a portion
of the dam’s nonoverflow sections. Typically they were in-
stalled through the dam’s face and angled down at 45 de-
grees to penetrate the bedrock. Drilled holes were 300 to
350 mm in diameter and up to 49 m long. Total anchor
lengths, including boded and unbonded sections, vary be-
tween 21 m and 48 m, the longest anchors being situated
within the spillway (Bingham & Holderbaum, 2007).

The Forest Lake Reservoir supplies recycled irrigation water
to seven Californian golf courses. The reservoir was origi-
nally constructed in 1887, and had operated as an unlined
reservoir until the early 1990s. The rehabilitation of the
project was commissioned by the authorities, because if
water saturated the reservoir embankments, the stability of
the embankments could be affected in an earthquake. The
rehabilitation of the reservoir consisted in the application of
a Hypalon liner (DiAntonio, 2007).

Standley Lake Dam and Reservoir in the north-western
greater Denver Metropolitan area, Colorado, USA, is an
earth embankment with a height of 33.5 m and a crest
length of 2,012 m. The reservoir stores 51.8 Mm?® of raw
water that cannot be drained without causing a major inter-
ruption to Denver’s water service. The dam was constructed
in 1908 using soil from railroad trestles and “puddling” in a
clay core on a foundation of weak expansive and slicken-
sided claystone bedrock (Coss, 2006).

Given these factors, the dam was plagued with slope fail-
ures from the beginning. Recently, the old pressurized out-
let works constructed through the maximum section of the
dam, experienced separation problems at the joints due to
creep and sliding of the embankment and foundation.

The rehabilitation of the dam included constructing outlet

works tunnelled, using microtunnelling techniques, in the
abutment (separate from the embankment), a new spill-
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way, and placement of additional stability berms (see Fig-
ure 31).

Mew larger
spillway

Standey Lake

= Spillway

‘New 1.8m dia.
microtunneflad intakes

warks piping -
Existing dam
Abandon existing:
outlet works
Enlarge sla.biﬂty

Extend/enlarge berm below dam

existing berm

Figure 31. The Standley Dam Rehabilitation project (Coss,
2006).

Finally, sometimes it is not worth to rehabilitate an old
dam, as in the case of the Calaveras Dam near San Fran-
cisco, USA. In 2001 the safety inspectors concluded that
the dam (a hydraulic fill dam, with slopes buttressed with
rockfill, completed in 1925) would probably collapse during
an earthquake. The engineers considered a variety of alter-
natives, from rehabilitating the old dam to constructing a
new one with the aid of such materials as roller-compacted
concrete and earth and rock fill. They finally decided that
the best and most economical solution would be to build a
new earth dam just downstream of the existing dam (see
Figure 32) that will be able to withstand forces from a large
earthquake from the nearby Calaveras Fault (Hansen,
2005).

Figure 32. The Calaveras Old and New Dam, San Francisco
(Hansen, 2005).

13 LAND REHABILITATION

Land rehabilitation is the process of returning the land in a
given area to some degree of its former self, after some
process (business, industry, natural disaster etc.) has dam-
aged it. Many projects and developments will result in the
land becoming degraded, for example industry, mining,
farming and forestry. Reusing brownfield sites is also a key
to building the homes and commercial developments we
need for the future.

While it is rarely possible to restore the land to its original
condition, the rehabilitation process usually attempts to
bring some degree of restoration. Modern methods have in
many cases not only restored degraded land but actually
improved it, depending on what criteria are used to meas-
ure “improvement”.

Mine rehabilitation aims to minimize and mitigate the envi-
ronmental effects of modern mining, which may in the case
of open pit mining involve movement of significant volumes
of rock. Rehabilitation management is an ongoing process,
often resulting in open pit mines being backfilled.

After mining finishes, the mine area must undergo rehabili-
tation:
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- Waste dumps are contoured to flatten them out, to fur-
ther stabilise them against erosion.

- If the ore contains sulphides, it is usually covered with a
layer of clay to prevent access of rain and oxygen from
the air, which can oxidise the sulphides to produce

sulphuric acid.

- If the ore contains asbestos, it is also covered with a
layer of clay to avoid spread of asbestos fibres in the
air.

- Waste dumps are covered with topsoil, and vegetation is
planted to help consolidate the material.

- Dumps are usually fenced off to prevent livestock de-
nuding them of vegetation.

- The open pit is then surrounded with a fence, to prevent
access, and it generally eventually fills up with ground
water.

- Tailings dams are left to evaporate, then covered with
waste rock, clay if need be, and soil, which is planted to
stabilise it.

For underground mines, rehabilitation is not always a sig-
nificant problem or cost. This is because of the higher grade
of the ore and lower volumes of waste rock and tailings. In
some situations, stops are backfilled with concrete slurry
using waste, so that minimal waste is left at surface.

The removal of plant and infrastructure is not always part of
a rehabilitation programme, as many old mine plants have
cultural heritage and cultural value. Often in gold mines,
rehabilitation is performed by scavenger operations, which
treat the soil within the plant area for spilled gold using
modified placer mining gravity collection plants.

Another form of land rehabilitation is the restoration of eco-
systems and landscapes, which have been altered because
of infrastructure works. They are designed not only for the
geotechnical stabilization but mainly to integrate the infra-
structure in the local ecological context. Ecological restora-
tion at the sides of a highway, for example, would lead to
biodiversity, landscape and natural heritage conservation.

The rowing events of the Athens 2004 Olympic Games were
held at the Olympic Rowing and Canoe Centre at Shinias,
Marathon, in an area that used to be an airfield for light
aircrafts and a military base for the last 40 years. However,
before the construction of the airfield, the area used to be a
marshland, very rich in wild life, which was drained in the
late 1920s to create cultivatable land.

The design of the Olympic Centre (see Figure 33) presented
some very interesting geotechnical problems to deal with
and provided all the necessary works in order to reinstate
the old marshland through the water overflow from the
rowing ponds to the marshland (Tsatsanifos, 2004).

A similar story has been reported for a wetland in Califor-
nia. Before 1932, when it became the site of a military
base, the land now occupied by the Hamilton Army Airfield,
on the shore of San Pablo Bay near Novato, California, was
strictly agricultural. But before it was reclaimed for agricul-
ture at the beginning of the 20™ century, the 1,000 acre
parcel of land supported an array of tidal and seasonal wet-
lands. Now, more than 100 years later, the site is to be
returned to its original state. The airfield’s runway will re-
main in place, but its presence will not be noted as it will
repose beneath several million cubic meters of dredged
material that will be placed there (Landers, 2005).
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Figure 33. The Athens 2004 Olympic Games Rowing and
Canoe Centre at Shinias, Marathon.

14 CONCLUSIONS

An attempt to show the contribution of geotechnical engi-
neering in the rehabilitation of buildings and infrastructures
is made in this paper through the presentation of recent
relative case histories. It is easily foreseen that rehabilita-
tion initiatives are a key growth area for geotechnical inno-
vation.
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ABSTRACT

In the majority of modern rock tunnels the deformation and
hence the stability of the tunnel is controlled by a combina-
tion of reinforcement and support systems. The reinforce-
ment consists of rockbolts or cables which modify the prop-
erties of the rock mass in much the same way as rein-
forcement does in concrete. The support systems generally
involve steel sets or lattice girders fully embedded in shot-
crete and these provide resistance to control the conver-
gence of the tunnel. This paper describes the methods that
can be used to optimize the design of tunnels using a com-
bination of reinforcement and support methods. Particular
attention is given to tunnels in very weak rock or soil in
which large deformations can occur. Two case histories are
presented to illustrate the integration of geotechnical and
structural design methods. The first is a 12 m span two lane
highway tunnel, excavated by top heading and benching in
a very weak rock mass and the second involves a 25 km
long, 5.5 m diameter water supply tunnel through the An-
des in Venezuela.

1 INTRODUCTION

Current practice in tunnel reinforcement and lining design
tends to vary a great deal, depending upon national or
owner imposed design requirements, local tradition and
practice and the experience of the tunnel designer. There
are no universally accepted guidelines on how to assess the
safety of a tunnel or the acceptability of a design and this
means that engineering judgment and experience play a
very large role in the design of tunnel reinforcement and
linings.

There is a general desire to define a factor of safety for
tunnel design but this has proved to be an extremely diffi-
cult task and there are very few methods that are consid-
ered acceptable. One of these methods, described by Kaiser
(1985), and Sauer et al (1994), involves the use of support
capacity diagrams and, indeed, there are a few tunnel de-
sign companies that use this methodology. However, the
available papers are generally lacking in detail and there is
no mention of this method in design guidelines such as the
Tunnel Lining Design Guide published by the British Tunnel-
ling Society (2004). Consequently, the average tunnel de-
signer is left with few options other than the use of tunnel
classification systems (Barton et al, 1974, Bieniawski,
1973), general empirical guidelines and the advice of ex-
perienced tunnel consultants. The main difficulty with this
approach is to decide when the design is acceptable (Hoek,
1992).

In an effort to remedy some of these problems, the authors
have set out to present two relatively complex case histo-
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ries in sufficient detail that tunnel designers can follow the
use of support capacity diagrams as a tunnel design tool.
Based on a paper by Carranza-Torres and Diederichs
(2008), the derivation of the equations used to define these
support capacity curves are presented in an appendix and it
is relatively simple to program these equations in a spread-
sheet.

The support capacity diagrams presented in this paper are
based on elastic analyses and the authors recognize that
this is a simplification compared to much more sophisti-
cated non-linear models that are used in structural engi-
neering. However, given the uncertainties associated with
the loads imposed on tunnel linings, this simplification is
considered to be justified. These loads depend upon the
adequacy of the geological model, the properties of the
rock mass surrounding the tunnel, the in situ stresses and
the groundwater conditions. All of these contributing factors
are open to a wide range of interpretations, particularly
during the design stages in a tunnelling project. Conse-
quently, the aim in developing the elastic support capacity
diagrams presented in this paper is to provide the tunnel
designer with a set of tools of comparable accuracy to the
input data.

2 CASE HISTORY 1 - A SHALLOW TUNNEL AND AD-
JACENT OPEN CUT

This case history, assembled from a number of actual tun-
nel designs, involves a 12 m span highway tunnel exca-
vated by drill and blast methods using a top heading and
bench approach.

Once the tunnel has been excavated and a final concrete
lining has been cast in place, an open cut is excavated
close to and downhill from the tunnel to accommodate a
second carriageway.

The overall geometry of the slope, the tunnel and the adja-
cent cut is shown in Figure 1. The rock mass is a gently
dipping interbedded sedimentary sequence of jointed sand-
stone, bedded sandstone and a series of shear zones paral-
lel to bedding. The properties of the individual rock units,
based on a nearby tunnel in a similar rock mass, are listed
in Table 1 and the corresponding Mohr envelopes are plot-
ted in Figure 2.

Water table
Ground surface “

Excavated slope profile

Figure 1. Geometry of the original slope showing the rock
layers, the location and geometry of the tunnel and slope
excavations and the original water table.

Note that the friction angles shown in Table 1 may appear
to be unusually high, particularly to soil mechanics readers.
This is because the tunnel is very shallow and the average
confining stress in the rock mass surrounding the tunnel is
only about 1 MPa. Under these conditions the Mohr failure
envelopes are strongly curved, as shown by the dashed
lines in Figure 2 (Hoek et al, 2002) and the Mohr Coulomb
parameters are estimated from tangents to the curved en-
velopes.




Table 1. Rock mass properties

Property Jointed Sandstone | Bedded Sandstone Shear Zones
Peak Residual Peak Residual | Peak Residual
Cohesive strength ¢ - MPa 2.0 1.5 1.4 1.2 0.8 0.8
Friction angle I - degrees 52 50 50 47 40 40
Rock mass modulus E - Mpa 9500 4000 650
Poisson’s ratio 0.25 0.25 0.3
Permeability - m/sec 1x10° 1x10° 1x 107

Shear strength T - MPa

Normal stress on - MPa

Figure 2. Mohr failure envelopes for individual rock units.
2.1 In situ stress conditions

The vertical stress acting on the rock mass in which this
tunnel will be excavated is given by the product of the
depth below surface and the unit weight of the rock. Hori-
zontal stress magnitudes and directions can vary greatly,
depending upon the tectonic history of the area, the varia-
tion in stiffness of different rock units in the rock mass and
the local topography. As a starting point for this analysis it
has been assumed that the ratio of vertical to horizontal
stresses parallel to the tunnel axis is 2:1 and that the ratio
normal to the tunnel axis is 1.5:1.

If no in situ stress measurements are available in the vicin-
ity of the tunnel then it is prudent for the tunnel designer to
check the sensitivity of the design to variations in these
ratios between 0.5:1 and 2:1. If the design proves to be
sensitive to horizontal stress variations then steps should
be taken to have in situ stress measurements made before
the design proceeds to completion. An alternative is to
leave sufficient flexibility in the contract to allow design
changes during construction and to rely on the back analy-
sis of tunnel convergence measurements to determine the
in situ stresses acting on the tunnel.
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2.2 Groundwater conditions

The excavation of the tunnel and the slope for the adjacent
carriageway result in changes in the groundwater condi-
tions in the slope. These changes have a significant impact
on the effective stresses in the rock mass surrounding the
tunnel. Consequently, a full analysis of these groundwater
conditions is a starting point for this analysis of the tunnel
stability.

Assuming a permeability of 1 x 107m/sec for the shear

zones and 1 x 10'6m/sec for the jointed and bedded sand-
stones (see Table 1), a finite element analysis of the
groundwater conditions in the slope was carried out. The
resulting water tables, for different stages of tunnel and
slope excavation, are shown in Figure 3. In this analysis it
was assumed that the tunnel acts as a drain except for an
extreme long term condition in which the tunnel drains are
blocked.

In the finite element analysis of the tunnel lining that fol-
lows the pore water pressures and the resulting effective
stresses, from the groundwater analysis described above,
have been incorporated into the tunnel stability model.

A - Original water table in slope

B - Water table resulting from tunnel acting as a drain
C - Change in water table due to slope excavation

D - Partial restoration of water table with tunnel drains blocked

Figure 3. Water tables at different stages of tunnel
and slope excavation and assuming long term blockage
of the tunnel drains.

2.3 Lining requirements

The client’s requirements for the lining of the tunnel are as
follows:

i.  Aninitial lining consisting of steel sets or lattice girders
embedded in shotcrete, with the addition of rockbolts if
required, sufficient to stabilize the tunnel during con-
struction and until the final lining is placed.

ii. A drainage layer consisting of porous geotextile fabric,
connected to drainage pipes in the final tunnel invert.

iii. A waterproof membrane to prevent water entering into
the space behind the final concrete lining.
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iv. A cast in place concrete lining and invert capable of
resisting loads imposed by the surrounding rock mass
for both short and long term operation of the tunnel.
The factor of safety of the final reinforced concrete lin-
ing should exceed 2.0 for normal operating loads and
1.5 for unusual and long term loads.

A typical tunnel lining, designed to meet such require-
ments, is illustrated in Figure 4.

Drainage
layer

Figure 4. Construction of a complete tunnel lining consist-
ing of an initial lining of lattice girders embedded in shot-
crete, a geotextile drainage layer, a waterproof plastic
membrane and a cast-in-place concrete final lining.

2.4 Top heading versus full face excavation

An important issue that has to be considered by any drill
and blast tunnel designer is whether to specify excavation
of the tunnel using a top heading and bench approach or a
full face excavation method. Small diameter tunnels, less
than say 6 m span, are invariably driven by full face meth-
ods since stabilization of the face, if required, is relatively
simple. At the other end of the spectrum, large under-
ground caverns are almost always excavated in multiple
stages from a top heading or from side drifts. The 12 m
span transportation tunnel considered in this example falls
in the range where either top heading and bench or full face
excavation can be used. Full face excavation has many ad-
vantages in terms of geometrical simplicity and, in ground
of adequate strength, greater rates of tunnel excavation.
Consequently, where possible it is the preferred method of
tunneling.

One of the technical factors that controls the choice of
which method to use is the stability of the tunnel face.
When the stresses in the rock mass surrounding a tunnel
exceed the strength of the rock mass a zone of failure or a
“plastic” zone is formed around the tunnel. As shown in the
derivation of longitudinal displacement profiles for tunnels
in Appendix 1, when the radius of the plastic zone around a
tunnel exceeds twice the radius of the tunnel, the zone of
failure around the tunnel interacts with the failed rock
ahead of the tunnel face to form a continuous bullet shaped
plastic zone. This three-dimensional plastic zone becomes
increasingly difficult to stabilize as the ratio of stress to
available rock mass strength increases.

Stabilizing the plastic zone ahead of the tunnel face is gen-
erally achieved by means of fully grouted fiberglass dowels
parallel to the tunnel axis. The reason for using fiberglass
dowels is that they can be cut off as the tunnel advances
and they do not damage conveyor belts in the muck dis-
posal system. These dowels are typically placed in a grid
pattern of 1 m x 1 m and their total length is approximately
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equal to the span of the tunnel. For 12 m long dowels an
overlap of 3 to 4 m is generally used to ensure that there is
continuous support of the face.

Lunardi (2000) discusses the action of face reinforcement in
considerable detail and the authors have no disagreement
with his statement that “.... In order to prevent instability of
the face, and therefore the cavity (tunnel), preconditioning
measures must be adopted, appropriately balanced be-
tween the face and the cavity, of an intensity adequate to
the actual stress conditions relative to the strength and
deformation properties of the medium”. The preconditioning
to which he refers includes the placement of fiberglass
dowels, forepoles and other devices that control the defor-
mation of the rock mass ahead of the tunnel face. Achieving
an appropriate balance between the face and the tunnel
cavity requires a three dimensional analysis of the bullet
shaped plastic zone discussed above.

In addition to the stability of the face, consideration has
also to be given to the deformations that control the stabil-
ity of the tunnel itself. Depending upon the in situ stress
field and the characteristics of the rock mass surrounding
the tunnel, these deformations may be more important
than those in the rock ahead of the face. In such cases, the
control of the tunnel deformations will determine the choice
between top heading and bench and full face excavation.

Practical considerations related to the size of the tunnel,
availability of specialized equipment required for the instal-
lation of pre-reinforcement, local contracting experience
and the preference of the owner can also play an important
role in choosing between top heading and bench and full
face excavation methods.

In the tunnel under consideration in this model (Figure 1),
the owner considered that the risk of losing control of the
face due to the presence of the weak shear zones is unac-
ceptably high. Consequently the use of a top heading and
bench approach has been specified, in spite of the fact that
it may have been possible to drive this tunnel by full face
excavation.

2.5 Analysis of face stability

The analysis of the stability of a top heading or a full face
tunnel face requires a three dimensional analysis. In simple
cases this can be done by means of an axi-symmetric appli-
cation of a two-dimensional numerical analysis (see Figure
A1.3 in Appendix 1). In more complex cases, such as that
under consideration in this example, a full three-
dimensional analysis is required.

The purpose of the three-dimensional analysis is to simu-
late in the most realistic possible way the mechanical proc-
ess of excavation and support and reinforcement installa-
tion behind the face and, if applicable, on the face itself to
investigate whether the face shows signs of instability. In
these three-dimensional models, face instability normally
manifests itself as caving of the face resulting in a plastic
failure zone that extends ahead of the face or, if the tunnel
is relatively shallow as in this example, towards the ground
surface. Excessively large displacements can occur and the
numerical model tends not to converge (i.e., reach an as-
ymptotic value) as the excavation sequence progresses.

Figure 5 shows the three-dimensional numerical model
used to analyze the stability of the face in this example.
Note that only half of the model, as defined by a vertical
plane cutting through the tunnel axis, is represented in this
figure. The model considers excavation of the top heading
through the interbedded sedimentary sequence introduced
in Figure 1. Mechanical properties of the different rock
types are those indicated in Figure 2 and Table 1. The in
situ stress conditions prior to excavation assumed for the
model are those discussed in Section 2.1, while the
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groundwater conditions correspond to the worst case sce-
nario, that of the original water table (configuration A) in
Figure 3.

As indicated in Figure 5, the three-dimensional model simu-
lates the mechanical process of advancing the top heading
in increments of 2 meters, corresponding to the design
blast round length of 2 m, and installing shotcrete and
rockbolts at a distance of 2 meters behind the face, corre-
sponding to the design length of installation of support and
reinforcement behind the face.

The geometrical and mechanical characteristics of the sup-
port and reinforcement used are the same considered in the
two-dimensional numerical analyses to be discussed in later
sections. In addition, the model simulates the process of
installation of a set of 60 fiberglass dowels in a circumfer-
ential pattern at the face, with an approximate spacing of 1
meter between dowel heads.

In this case, the dowels are installed at intervals of 8 me-
ters on the face, leading to a minimum overlap length of 4
meters between two sets of dowels. The geometrical and
mechanical properties of fiberglass dowels are normally
provided by the manufacturer; this example considers dow-
els of 18 mm diameter, with a Young's modulus of 40,000
MPa and a tensile strength of 1000 MPa.

Fiberglass Swellex rockbolls Shoterete (20 em thick)
dowels {4 mlong on a and lattice girders spaced
{12 mlang) 2mx 2 m grid) 1 m (shotcrete only at invert)

15 excavation steps, 2 m long each,

with installation of shotcrete and rockbolts
2 m behind the tunnel face, and 12 m fiberglass
dowels installed every 8 meters (resulting in

a minimum dowel overlap of 4 m)

Figure 5. View of the three-dimensional numerical model
used to analyze stability of the tunnel face.

A total of 15 excavation stages have been considered in this
example leading to a total length of sequential advance of
30 meters. For the last stage (indicated in Figure 5) the
stability conditions at the face have been inspected. Figure
6 represents contours of resulting magnitude of dis place-
ments at this stage. Displacements at the face are below
one millimeter. The resulting plastic failure zone is also of
limited extent of less than 50 centimeters and does not
show any tendency to develop into a caving zone towards
the ground surface. Comparison of equivalent results from
a model without fiberglass dowels installed at the face re-
veals that these dowels do indeed make a mechanical con-
tribution to the stability of the tunnel face. Both the extent
of plastic zone and resulting displacements at the face,
when no fiberglass dowels are considered, are at least twice
the values shown in Figure 6.

It is doubtful whether fiberglass dowel reinforcement is
actually required in this example and it is probable that the
top heading could be advanced safely without reinforce-
ment or with a simpler restraint in the form of a face but-
tress (Hoek, 2001). However, the calculations presented in
Figures 5 and 6 demonstrate the procedure that can be
used to analyze the need for face reinforcement and the
stabilization that can be achieved by the installation of such
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reinforcement.

Figure 6. Representation of contours of magnitude of dis-
placements for the last stage of excavation in the three-
dimensional model of Figure 5.

2.6 Characteristic curve and longitudinal deformation
profile

The next step in the design procedure is to determine the
point at which the support in the tunnel is installed and
activated. In a 12 m span tunnel this would normally be at
a distance of between 2 and 4 m behind the face and a
distance of 2 m has been chosen for this analysis.

In using a two dimensional analysis of the rock-support
interaction it is necessary to simulate the three-dimensional
tunnel advance by means of some deformation control
process. This means that the deformation that takes place
at a distance of 2 m behind the face must be known and
controlled to allow the support to be installed and activated.
This can be done by calculating the characteristic curve for
the rock mass surrounding the tunnel by progressively re-
ducing either an internal support pressure or by progres-
sively decreasing the deformation modulus of an inclusion
in the tunnel. In complex situations, such as that under
consideration here, the modulus reduction method is pre-
ferred since it automatically accommodates variations in
the surrounding stress field due to a non-circular tunnel
shape and progressive failure in the rock mass as the
tunnel deforms.

Figure 7 shows the characteristic curve for this tunnel and
the stepwise reduction of the modulus of the inclusion in
the tunnel. The analysis required to generate the character-
istic curve also shows the extent of failure around the tun-
nel and this is important in calculating the longitudinal de-
formation profile in the next stage of the analysis.

Figure 8 gives a plot for the longitudinal deformation profile
for the tunnel in this example. As shown in Appendix 1, this
profile depends upon the ratio of the radius of the plastic
zone to the radius of the tunnel and, for this example, this
ratio is approximately 2:1. Figure A1.5 in Appendix 1 shows
that the tunnel closure at the face is approximately one
quarter of the final closure at many meters behind the face.
The deformation profiles are calculated from equations A1.6
and Al.7.

From Figure 8 it can be seen that installation and activation
of the support at a distance of 2 m behind the advancing
face corresponds to a deformation of 0.011 m. Using this
value in Figure 7, the modulus of the inclusion required to
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limit the tunnel deformation to this value is approximately
100 MPa. Hence, in constructing the two dimensional model
to simulate the three-dimensional effects of the advancing
face, an inclusion with a modulus of 100 MPa has been used
for the first stage of the calculation. Excavation of this in-
clusion activates the installed support system and allows it
to react to the additional deformation that occurs as the
tunnel advances.
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Figure 7. Characteristic curve for the unsupported,

undrained tunnel excavated by a full face method. Note
that any monitoring point can be chosen on the tunnel
boundary since, although the magnitude of the deforma-
tions will vary, the shape of the excavation curve will re-
main constant.
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Figure 8. Longitudinal deformation profile for a 12 m span
tunnel where the radius of the plastic zone is less than
twice the radius of the tunnel.

2.7 Analysis of top heading with a flat floor

For large span tunnels the top heading shape preferred by
contractors is illustrated in Figure 9. This consists of an
arched roof and a flat floor. The flat floor is simple to exca-
vate and it provides an excellent road base for construction
traffic. In good rock at low to moderate stress levels, this
top heading shape is acceptable. The suitability of this top
heading profile for this example is investigated below.

Figure 10 gives a cross section through a typical support
system used for the initial support of a large span tunnel.
This consists of 3 bar lattice girders embedded in a 20 cm
thick shotcrete layer. The lattice girders are spaced at 1 m
intervals along the tunnel and rockbolts are installed be-
tween every second girder at a spacing of 2 m. In this case
the rockbolts are 4 m long standard Swellex bolts on a 2 m
X 2 m grid spacing.
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Figure 9. A simple top heading shape in good quality inter-
bedded sandstones and siltstones. The tunnel arch is sup-
ported by means of rockbolts and a layer of shotcrete and
no face support is required. The flat floor requires no spe-
cial treatment other than good drainage of surface water
accumulations.

Swellex rockbolts

2 m bolt spacing ——»

3 bar lattice girders

li 20 cm thick shotcrete
T |
1 m lattice girder spacing =|1

Figure 10. Reinforcement and support for the top heading
arch consisting of standard Swellex rockbolts on a 2 m x 2
m grid and 3 bar lattice girders spaced at 1 m centers and
embedded in a 20 cm thick shotcrete lining (Not to scale).

An important issue that has to be considered in the design
of this support system is the time-dependent properties of
the shotcrete layer. As described above, the support sys-
tem is installed 2 m behind the face and activated immedi-
ately. The rockbolts and lattice girders respond to the de-
formation of the rock mass surrounding the tunnel as soon
as the tunnel advances but the shotcrete is only 1 day old
at this stage and it has not yet developed its full capacity.
While it does not carry its full share of the load, because its
stiffness is low, this load may be sufficient to induce failure
in the shotcrete.

Choosing the shotcrete properties is not quite as simple as
one would think. Many tunnel designers turn to structural
codes such as the American Concrete Code (ACI 318 -
Building Code and Commentary) and follow the recommen-
dations set out in these documents. However, in their
Guidelines for Tunnel Lining Design the Technical Commit-
tee on Tunnel Lining Design of the Underground Technology
Research Council states the following:

“Structural codes should be used with caution. Most codes
have been written for above ground structures on the basis
of assumptions that do not consider ground-lining interac-
tion. Accordingly, the blind application of structural design
codes is likely to produce limits on the capacity of linings
hat are not warranted in the light of the substantial contri-
butions from the ground and the important influence of
construction method on both the capacity and cost of lin-
ings.

Specific load factors are not recommended in these guide-
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lines. The loading conditions should be evaluated by a care-
ful, systematic review of the geologic and construction in-
fluences. It is important that the evaluation of ground loads
and structural details be coordinated to select a factor of
safety.”

In the support capacity calculations given in this paper the
authors have adopted a policy of using the ultimate uniaxial
compressive and tensile strengths of shotcrete and concrete
and calculating a range of factors of safety. This eliminates
the complication of hidden or unknown load factors or
safety factors and, by including a family of factor of safety
plots in the support capacity diagrams, the user is pre-
sented with a clear picture of performance of the lining be-
ing designed.

Melbye and Garshol (2000) give shotcrete mix designs and
uniaxial strength results, many from in situ cores, for 35
tunneling projects around the world. These results are plot-
ted in Figure 11 and it can be seen that the 28 day strength
varies from 25 to 86 MPa. This variation depends upon the
mix design, whether the wet or dry shotcrete method was
used, whether the shotcrete was applied manually or by
robot and upon local factors such as haulage distance be-
tween the batch plant and the face. It is the responsibility
of the tunnel designer to discuss all of these issues with the
shotcrete supplier in order to determine the optimum shot-
crete product for a particular site.
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Figure 11. Uniaxial compressive strength development with
time for shotcrete linings in tunnels around the world. After
Melbye and Garshol (2000).

For the model under consideration the sequence of loading
and the corresponding shotcrete properties are defined in
Figure 12 and Table 2 in which the age dependent proper-
ties have been assembled from a number of tunnel case
histories. In constructing the numerical model used to ana-
lyze this case these properties have been incorporated into
the shotcrete lining at the stages of excavation shown.

In the case of the top heading with an unsupported and
unreinforced flat floor, as illustrated in Figure 13, the heave
of the floor induces bending in the lower parts of the lining
arch. These bending moments can overload the 3 day old
shotcrete and they can also permit deformations sufficient
to allow failure propagation in the adjacent rock mass. This
failure may have a detrimental influence on the loading of
the lower legs of the arch when the bench is excavated.

In order to study the response of the support system to the
excavation sequence and consequent tunnel deformations,
a set of support capacity diagrams have been plotted in
Figure 14. Note that the rockbolts are not part of the sup-
port system since they act as reinforcement and alter the
properties of the rock mass surrounding the tunnel. Never-
theless these bolts play an important role in stabilizing the
tunnel arch and in supporting the shotcrete shell.
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Figure 12. Assumed time dependent properties for shot-
crete.

Table2. Excavation sequence and shotcrete properties

Compressive Tensile .
Property Strength Strength Deformation
Modulus  Esh
osh osh
Day 1 - installa- 21.0MPa | -2.6MPa | 24,000 MPa
tion and activation
of support
Day 3 - top head-
ing convergence 31.0 MPa - 4.0 MPa 30,000 MPa
at about 10 m
behind the face
Day 28+ - exca-
vation of bench
which may be as 41.4 MPa -5.0MPa | 36,000 MPa
much as 1 year
after top heading
excavation

Groundwater”
table e

" Rockbolts .__

Bending moment
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-

Floor heave
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Figure 13. Bending moment distribution in the lining of the
top heading with a flat unsupported floor on day 3 after
installation of the support.

The derivation of the equations required to calculate these
figures is given in Appendix 2. The calculation process re-
sults in a set of moment versus axial thrust and moment
versus shear force diagrams for the lattice girders and the
shotcrete. In the case of the shotcrete, the diagrams are
calculated for 1 day, 3 day and 28 day strengths as defined
in Table 2. From the numerical analysis, the axial forces,
bending moments and shear forces in the installed top
heading arch support are distributed onto the lattice girders
and the shotcrete shell by means of equations A2.24 to
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A2.29 in Appendix 2. The resulting values, for the 1 day
and 3 day loading conditions, are plotted as points in Figure
14.

Lattice girders FS=1.0
L8 I
1 [
o
z Z
= =
. 61 v
=z =
E ap E .
g a2 g :
a1
a8 |
s | :
e o o0 om oo u 0o - £
Moment m - MNm
o8
064 p
04 z
S ) =z
5 " °°
g oot S . -
B =
B a4 E
5 .|
064
a8 s
4 04 o2 1 032 04 ] M _—
tomant M - MNm
Moment M - MNm

Figure 14. Support capacity diagrams for a 20 cm shot-
crete lining, reinforced with 3 bar lattice girders, placed in a
top heading excavation with a flat floor (see Figure 9).

Because of the shallow depth of the tunnel the axial loads
carried by the support system are very low. Similarly,
bending moments and shear forces in the lattice girders are
small. However, the bending moments in the shotcrete lin-
ing are sufficient to exceed the capacity of the shotcrete at
ages of 1 day and 3 days, as shown in the moment versus
axial thrust diagram for the shotcrete, assuming a factor of
safety of 1. This analysis illustrates that, for the in situ
stresses, rock mass properties, excavation sequence and
lining properties chosen, a top heading with a flat unrein-
forced and unsupported floor is not an appropriate choice.

The excessive bending moments in the lower portions of
the top heading arch can be addressed in a number of ways
including the installation of stressed anchors to limit the
bending of the upper arch legs, increasing the thickness of
the shotcrete shell, placing additional reinforcement in the
lower arch legs or placing a temporary invert to limit the
floor heave and the “pinching” of the arch. In this example,
the placement of a temporary shotcrete invert will be inves-
tigated.

Examining Figure 14 may suggest to the reader that,
since the loads carried by the Iatticegirders are so
small, the shotcrete could be dispensed with and the lattice
girders used on their own to carry the loads. This would be
a serious mistake since these capacity plots are only valid
when the lattice girders and the shotcrete act as a compos-
ite structure. The shotcrete, even when very young, pro-
vides lateral confinement for the lattice girders and this is
essential to prevent buckling failure of these slender struc-
tures in the wide span tunnel.

2.8 Analysis of top heading with a curved shotcrete
invert

A temporary shotcrete invert, such as that illustrated in
Figure 15, is generally constructed from unreinforced shot-
crete, typically 20 cm thick, so that it can be broken easily
during benching. Backfill is placed over this invert in order
to form a road surface for construction traffic.

It is important that a smooth connection is provided be-
tween this invert and the top heading arch legs in order to
prevent the formation of stress concentration points. The
shear capacity of the connection between the arch legs and
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the shotcrete invert can be deficient if the shotcrete is

Figure 15. Top heading and bench excavation in a weak
rock tunnel where a temporary shotcrete invert was used to
control floor heave.

placed at different times. This problem can be overcome by
adding reinforcement, such as that illustrated in Figure 16,
to ensure that the loads in the arch are transferred into the
invert. This reinforcement should be designed so that it can
either be cut off or bent downward and incorporated into
the lower arch legs when the temporary shotcrete invert is
excavated.

3 bar lattice girder

Reinforcement for
shotcrete invert

Connecting plates

Figure 16. Additional reinforcement at the junction be-
tween the top heading arch legs and the temporary shot-
crete invert.

A numerical analysis of top heading lining with a curved
shotcrete invert covered by backfill results in the bending
moment shown in Figure 17 and the corresponding support
capacity plots given in Figure 18. In this case the analysis
has been extended to include the removal of the bench and
the placement and activation of the lower arch legs and the
tunnel bottom invert.

Since the structure of the arch legs is identical to the top

heading arch it is permissible to plot the points for these
two components on the same support capacity diagrams.
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Figure 17. Bending moment distribution in a top heading
lining with a curved shotcrete invert covered by backfill
(see Figure 15).
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Figure 18. Support capacity plots for the 20 cm thick unre-
inforced shotcrete invert in Figure 17.

Figure 17 shows that the results of this analysis of the top
heading arch are similar to those for the top heading with
the flat floor, shown in Figure 13, except that the bending
moments in the arch are reduced by the placement of the
shotcrete invert. The support capacity plots for the unrein-
forced invert, given in Figure 18, show that the bending
moments induced in the invert are just sufficient to induce
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tensile cracking in the 1 day and 3 day old shotcrete. While
this would be a problem elsewhere it is considered to be
acceptable here since the shotcrete invert is constrained by
the overlying backfill and some minor cracking will be of
little consequence. However, if the designer is uneasy about
this cracking or if the client is reluctant to accept any indi-
cation of failure, the invert can be made thicker or it can be
reinforced with polypropylene fibers to increase its capacity.

The support capacity plots for the shotcrete arch and
lower legs for the case of the curved shotcrete invert
are shown in Figure 19. The Moment-Axial thrust points for
the shotcrete all fall well within the capacity curves for the
corresponding age of shotcrete. This confirms that the use
of the shotcrete invert has reduced the bending moments
that resulted in problems in the top heading excavated with
a flat floor (Figure 14).

Lattice girders FS=1.0 Shotcrete

Acdal thrust N - MN
Agdal thiust N - MN

AN

Moment m - MNm

Shear force O - MN
Shear force O - MN

Moment M - MNm

Moment M - MNm

Figure 19. Support capacity diagrams for a 20 cm shot-
crete lining, reinforced with 3 bar lattice girders, placed in a
top heading excavation with a curved shotcrete invert (see
Figure 15).

A check on the invert on the bottom of the tunnel shows no
overstressing and, hence, the complete lining is stable and
the design can proceed to the installation of the final lining.
Note that, if there is a large time delay (say for more than
1 year) between the excavation of the tunnel and the in-
stallation of the final lining, it may be necessary to recalcu-
late the lining forces for a reduced rock mass strength to
allow for time-dependent deterioration.

2.9 Final lining design

The next step after the excavation and stabilization of the
full tunnel profile is the installation of a final lining. The
typical geometry of this lining was shown in Figure 4 and it
is given in detail in Figure 20. In this example it is assumed
that the final lining itself consists of 30 cm thick cast-in-
place concrete reinforced by means of 20 mm diameter
steel reinforcing rods spaced at 18 cm x 22 cm apart.

For simplicity the properties of the cast in place concrete
final lining are assumed to be the same as those of the ini-
tial shotcrete lining, as defined in Table 2. Because the final
lining is installed in a stable tunnel it carries no initial load
except for its self-weight. Hence, only the 28 day properties
are relevant in the following calculations. Loads are im-
posed on the final lining as a result of stress changes,
changes in the groundwater conditions, changes in the
characteristics of the initial support system or deterioration
of the rock mass surrounding the tunnel. All of these
changes are assumed to occur in this example and the con-
sequences will be examined in the analysis that follows.
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Figure 20. Geometry of composite final lining consisting of
a 20 cm thick initial shotcrete lining, a drainage layer, a
waterproof membrane and a 30 cm thick cast concrete lin-
ing (Not to scale).

After the installation of the final lining the open cut for the
adjacent highway carriageway is excavated as defined in
Figure 1. This results not only in changes in the stress field
surrounding the tunnel but also changes in the groundwater
conditions as defined by curve C in Figure 3. In designing
the final lining these changes have to be accommodated
and a factor of safety in excess of 2.0 has to be provided by
the lining for these “normal” loading conditions.

The long term loading conditions, for which a factor of
safety of 1.5 has been specified for this example, include
corrosion of all the rockbolts, blockage of the tunnel drains
and deterioration of the rock mass surrounding the tunnel.
Other extraordinary long term-loading conditions may apply
in specific cases and these should also be included. Basi-
cally, the aim of the designer should be to ensure that the
tunnel will remain stable and operational under all possible
conditions that could occur during its service life.

The participation of the initial shotcrete lining has been a
matter of contention for many years. Until relatively re-
cently tunnel designers in some countries were required to
ignore the contribution of all initial reinforcement and shot-
crete linings in calculating the support capacity of the final
lining. However, this very conservative approach has
changed and the International Tunnelling Association’s
Guidelines for the Design of Tunnels (1988) gives the fol-
lowing recommendation: “An initial lining of shotcrete may
be considered to participate in providing stability to the
tunnel only when the long-term durability of the shotcrete
is preserved. Requirements for achieving long-term durabil-
ity include the absence of aggressive water, the limitation
of concrete additives for accelerating the setting (liquid
accelerators), and avoiding shotcrete shadows behind steel
reinforcement”.

The extent of rock mass failure surrounding the tunnel,
after installation of the final lining and excavation of the
adjacent open cut is shown in Figure 21. Note that some
rock mass failure of the surface occurs as a result of sur-
face subsidence and stress relief due to the open cut exca-
vation. While this is not significant in the design of the tun-
nel lining it does highlight the need for the designer to
check on surface subsidence and slope stability issues. In
shallow tunnel such as this one, caving to surface can be a
critical issue and it has to be checked very carefully during
the sequential excavation of the tunnel.

The bending moments and the deformations induced in the
final lining are shown in Figure 22. Note that the presence
of the two shear zones has a significant influence of these
distributions, particularly on the right hand side of the tun-
nel arch. As shown in the support capacity plots in Figure
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23, these bending moments are the most significant forces
to be considered in the lining design since all other forces
are very low.

Subsidence

Groundwater table

Backfill

Figure 21. Changes in stress and groundwater conditions
as a result of excavation of the open cut for an adjacent
carriageway can result in propagation of failure zones in the
rock mass.

' Groundwater
table

Deformed excavation
profile (exaggerated) N, |

Bending moments

Figure 22. Distribution of bending moments and deforma-
tions of the final tunnel profile after installation of the final
lining and excavation of the adjacent cut.
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Figure 23. Support capacity plots for the final concrete
lining.

Detailed plots of the moment-thrust relationships for the
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final lining for three model stages are given in Figure 24.
These show that the lining carries practically no load at the
time of installation. The forces in the lining change slightly
when the adjacent open cut is excavated and they change
by a significant amount when the long term loads are ap-
plied. These loads are induced by a reduction of the resid-
ual strength of the failed rock surrounding the tunnel, an
elimination of all rockbolts and changes in the groundwater
conditions as a result of blockage of the drains. The factor
of safety for the lining for these long term loads is approxi-
mately 2.0.
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Figure 24. Detail of moment versus axial thrust develop-
ment in the final concrete lining from the installation of the
lining, the excavation of the open cut and long-term loading
conditions.

Figure 25 gives a minimum moment-thrust capacity dia-
gram for the reinforced final lining for a factor of safety of
2.0, generated using the structural program Response 2000
(Bentz, 2000).

This is a sectional analysis program that will calculate the
strength and ductility of a reinforced concrete cross-section
subjected to shear, moment, and axial load. All three loads
are considered simultaneously to find the full load-
deformation response using the modified compression field
theory (Vecchio and Collins, 1986).
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Figure 25. Minimum Moment-Thrust capacity for the rein-
forced concrete final lining calculated by the structural pro-
gram Response 2000 (Bentz, 2000) for a factor of safety of
2.0.

The total moment-thrust points for the final lining under
long-term loading conditions are also plotted in Figure 25.
The relationship of these points to the capacity curve, de-
fined by cracking of the concrete, is similar to that illus-
trated in Figure 24 for the concrete component of the lining.
This comparison serves as a confirmation that, at least for
the low load considered in this example, the elastic support
capacity plots derived in Appendix 2 are an appropriate tool
to use for reinforced concrete lining design.

The separation of the forces in the concrete (or shotcrete)
and the steel reinforcement, as has been done in Figures 19
and 23, gives information on the contribution made by each
of these components and on the combination of forces that
control the design process. In this example the bending
moments in the concrete are by far the most important
forces and, when combined with the relative low tensile
strength of concrete, they determine the performance of
the lining.

3 CASE HISTORY 2 - A DEEP TUNNEL IN WEAK
GROUND

This case history is based on the Yacambi-Quibor tunnel
currently under construction in the Northern Andes in Vene-
zuela. Aspects of this project are described by Guevara
(2004). Design and construction details are simplified for
the purposes of this example. This analysis involves new
construction within the central portion of a 25 km tunnel,
5.2 m in diameter, in highly variable metamorphic rock at
depths of up to 1200 m below surface (Figure 26).

The tunnel is designed for water transport, under moderate
velocity and head, from a rainforest region in the south to
an agricultural centre to the north. The tunnel will include
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the facilities to drain and inspect the tunnel with vehicle
access after construction and during service life.

Vertical scale
exaggerated

25 km

a) longitudinal topographic profile (north to the right)

b) tunnel wall side view (to scale-tunnel diameter is 5.2m)

Figure 26. a) Longitudinal topographical profile along tun-
nel alignment. Major regional faults are shown. Ellipses
indicate zones of interest for this case study. b) Two typical
tunnel wall maps showing high variability in geological
structure and fabric alignment.

The design problem discussed here relates to a typical tun-
nel profile in highly deformed graphitic phyllite (Figure 27).
The deformation in the rock mass is the result of the tec-
tonic processes inherent in the Andes Mountains and is also
the result of the proximity of the tunnel to a large regional
fault related to the intersection of three major crustal
plates. The fault passes through the tunnel as seen in Fig-
ure 26. A second fault has been identified on surface but it
is not known whether this will be intersected at tunnel
depth. This analysis is related to the section of tunnel iden-
tified in this figure where the average depth of overburden
is approximately 1150 m. The in situ stresses at depth are
assumed to be approximately equal (30 MPa) in all direc-
tions as a result of the low shear resistance due to the fact
that the tectonic history of the rock mass has reduced its
properties to their residual values.

Figure 27. Graphitic phyllite in the tunnel face. Note the
tight secondary folding and high variability of fabric orienta-
tion — rock hammer in center is 45cm long.

Tests on intact core samples of this rock gave uniaxial
compressive strength values of 15 MPa to 110 MPa (Sal-
cedo, 1983). The high variability in results is due to the
orientation of the phyllitic foliation with respect to the load-
ing direction. As seen in Figure 27, the rock mass in the
tunnel is tightly folded and no particular orientation of fab-
ric presents itself over a significant portion of the tunnel
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profile. On the scale of the tunnel, therefore, isotropic rock
mass strength can be assumed. Back analyses of moni-
tored sections of the excavated tunnel confirm that the av-
erage uniaxial compressive strength of the intact graphitic
phyllite is approximately 50 MPa and this value has been
assumed for this analysis.

The rock mass was assessed using the Geological Strength
Index (GSI) system (Marinos and Hoek, 2001) and rock
mass strength parameters, according to Hoek et al. (2002),
are shown in Figure 28. A GSI value of 25 is assigned to the
rock mass over this section of the tunnel. As the rock mass
is already in a deformed (residual) state, it is assumed to
act plastically in response to stress change and deforma-
tion. The long term strength of the rock mass is assumed to
correspond to moderate disturbance according to the GSI
system with a Disturbance factor D = 0.2.
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Figure 28: Rock mass strength parameters for Case
2 analysis. In situ stress = 28MPa.

The deformation modulus of the rock mass is estimated to
be 1650 MPa, based on the methodology of Hoek and Died-
erichs (2006).

Tunnelling in these conditions is extremely difficult (Hoek
and Marinos, 2000). Preliminary analysis of an unsupported
tunnel in this rock mass at this depth indicates closure in
excess of 50%. The key to liner design is to sequence the
installation of support to avoid overload while still maintain-
ing a safe working environment at and near the face.

Numerous challenges have been encountered over the long
history of this construction project (a complete history of
which is beyond the scope of this paper) and, due to the
high cost of an additional concrete lining, it has been de-
cided that the support system installed during construction
will act as the final lining. In addition to resisting cracking
and spalling this liner must control displacements to pre-
serve the minimum tunnel size required for vehicular access
during operation.

After several iterations in liner design over the years, each
with its own lessons, the current design was adopted. A
circular profile with steel arches (W6 X 20) at 1 m intervals,
embedded in 60 cm of shotcrete applied in two passes of 20
cm and 40 cm thickness, is specified. There is a require-
ment to install support early to provide a safe working
space at the face. Activation of the full lining, however, has
to be delayed to prevent an unacceptable build-up of inter-

ZeAida 34



nal loads due to the high closure rates near the tunnel face.
Premature installation of the final lining could result in
buckling of the primary support system, associated expan-
sion of the plastic zone and increase in final closure.

Specifications for the support were based, in part, on ana-
lytical convergence-confinement calculations (Carranza-
Torres and Fairhurst, 2000). In this analysis, illustrated in
Figure 29, the liner is treated as a single 60 cm thick con-
crete shell enclosing one W6 x 20 steel set per metre.

30
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Short Term Rockmass
Response

Long Term Rockmass Liner 2m from Face
“‘/ Response With 60cm Sliding Gap

Internal Support Pressure (MPa)

Fullliner2m —»f b T TTm———
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Wall Displacement (mm)

Figure 29. Convergence confinement analysis (according to
method of Carranza-Torres and Fairhurst, 2000) for short
and long term ground response (unsupported). Liner load
development for 60 cm shotcrete section with W6 x
20 steel section. Dashed support load curve represents
delayed loading due to sliding joint.

The relationship between wall displacement and location
along the tunnel (the linear displacement profile) is esti-
mated based on the methodology described in Appendix 1
for a normalized plastic zone radius Pr of 6.5. Installation of
the full liner near the face results in a low short term factor
of safety and an unacceptable long term factor of safety of
approximately 1.0. This long-term factor of safety is in-
creased to approximately 1.4 with the installation of sliding
joints. This prediction for the supported tunnel is conserva-
tive as it ignores the overall displacement reduction due to
rock-support interaction.

Sliding joints, shown in Figure 30, allow controlled conver-
gence (closure) of the steel sets without excessive loading
of the steel. These joints provide resistance against mo-
ments but allow slip at low axial loads until the gap is
closed. At this time the liner builds up load as a closed cir-
cle. The sliding joint is fabricated on site using two heavy
steel plates constraining the set flanges through the ten-
sioning of bolts as shown in the inset in Figure 30. The op-
posing steel sections are clamped by this device with a con-
trolled gap (in this case 25 to 30 cm). This technique has
proved to be very effective at Yacambi-Quibor. Alternative
yielding support systems have also been widely used in
squeezing ground conditions in Europe (Schubert, 1996).

The original design called for the complete steel set to be
erected near the face and a 20 cm layer of shotcrete
sprayed over the sets with 1 m gaps left over the sliding
joints as shown in Figure 31. The two sliding joints are in-
stalled just below the spring line for a total circumferential
closure of 60 cm (2 x 30 cm). Once the gap is closed by
tunnel deformation, the gap is filled with shotcrete and an
additional 40 cm of shotcrete, reinforced by means of
circumferential rebar, is applied to the inside of the liner.
The effect of the sliding gap is illustrated by the dashed
support response line in Figure 29. This simple conver-
gence-confinement analysis does not consider moments
and neglects the interaction between support layers. In

TA NEA THZ EEEEI'M - Ap. 14 - MAIOZ 2008

addition the stabilizing effect of the liner and the resultant
reduction in rock mass displacement are not considered.
Nevertheless, this analysis correctly indicates the need for
delayed loading of the liner.

Figure 30. Circular steel arches (W6 X 20) with two sliding
joints (detail in inset).

Figure 31. Initial Liner composed of circular steel arch and
20 cm of shotcrete. Inset shows detail of sliding joint with
shotcrete gap. Note rebar in place to reinforce final shot-
crete layer.

Due do difficulties with face instability, the contractor found
it necessary to implement the support system in two stages
with a short 1.5 m bench (from floor to springline) main-
tained to buttress the face. The upper semicircular section
of the steel set is installed at the face to provide a primary
safety system. The arch sections rest on the bench and are
covered in shotcrete. The bench is then excavated ap-
proximately 1.5 m from the face and the circular arch, in-
cluding the pair of sliding joints, is completed. The first 20
cm shotcrete layer is completed at this stage (Figure 32a).

A reinforcement cage is assembled adjacent to the initial
shotcrete lining as seen in Figure 31. Once joint closure is
achieved (within 5 to 15m of the face) the gap is closed
with shotcrete to complete the final 40 cm thick final lining.
The final lining section is illustrated in Figure 32b.

The following analysis represents a more rigorous consid-
eration of the interactions between the liner components
and the construction sequence. The first step in the design
process is to determine the normalized maximum unsup-
ported failure radius via a simple plane strain analysis of
the unsupported tunnel. In this case, the ratio of maximum
plastic radius to tunnel radius is 6.5.

Next, the longitudinal deformation profile can be calculated
using the methodology given in Appendix 1. Alternatively,
since the stresses are isotropic and the tunnel is circular, an
axisymmetric model (Figure 33b) can be used for this pur-
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pose. A longitudinal deformation profile for the unsupported
tunnel is shown as a dashed line ("Disp. vs Distance”) in
Figure 33a. An estimate of the displacement profile for the
supported tunnel (with liner and sliding joints) is presented
in Figure 33a as a dotted line for comparison.
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Tunnel
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Figure 32. a) Configuration of mid-height bench (partially
disintegrated in this photograph) and upper steel arch in-
stalled ahead of lower section and sliding joint. b) Final 60
cm section with outer shotcrete and steel set composite
section and inner reinforced shotcrete section. The tunnel is
to the left and rock mass is to the right of the section.

A 2D finite element plane strain analysis is then applied to
the full face construction sequence (unsupported). The
technique of progressive face replacement described in the
previous section (Figure 7) is used here. The resulting
points on the ground reaction curve (white diamonds on
“Disp. vs Support Pressure” curve in Figure 33a) can be
assigned locations along the tunnel (filled diamonds in Fig-
ure 33a) using the (dashed) longitudinal deformation pro-
file.
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Figure 33 a) Ground reaction curve "“Disp. vs Support
Pressure” and corresponding longitudinal displacement pro-
file “Disp vs Distance (unsupported)” for a axisymmetric
model. Normalized plastic radius = 6.5. Longitudinal dis-
placement profile function fitted based on Appendix 1. Point
symbols and number ID’s represent corresponding stages in
plane strain model (related symbols are linked between two
curves as shown for stage 11 and 12 by dotted lines). Sup-
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ported longitudinal deformation profile (dashed line without
symbols) shown for comparison. b) Axisymmetric model
used for calibration showing vyield indicators (x’s) and wall
displacement profile along tunnel.

The same correlation of model stage to tunnel location can
be used for the benched tunnel model with offset stages of
bench excavation and with appropriate installation of sup-
port (remember that the model support is installed at the
beginning of the stage while the displacements are reported
at the end of the stage). The benched tunnel model is illus-
trated in Figure 34.
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Figure 34. Finite element mesh, geometry of excavation
stages and liner segments for 2D plane strain analysis of
sequenced excavation and support.

It is anticipated that the steel sets and the initial 20 cm
shotcrete layer will undergo some limited yielding after the
sliding joints close. The upper half of the arch, installed in
the bench, may also yield prior to this due to the moments
induced by a reduction in the arch radius. This partial arch
and the complete arch, with sliding joints, are modeled as
separate but joined layers with appropriate material and
section properties. They are assumed to act plastically with
yield in the steel and a 33% reduction in residual uniaxial
compressive strength of the shotcrete after yield.

Following the geometry in Figure 34, the bench excavation
sequence lags behind the top heading by 2 stages. The
upper composite liner is installed immediately behind the
face (start of stage 7 in Figure 33). The lower composite
liner and the sliding joints are installed approximately 1 m
behind the bench (beginning of stage 9), and the filler sec-
tions of 20 cm shotcrete are installed and assumed to set
by the beginning of stage 10. In this analysis the sliding
joint gap closes automatically two stages later (within stage
11) between 6 and 10 m form the face.

The final lining is applied behind the gap closure, beginning
of stage 12 (10 m from the face) for this analysis. This final
lining is applied as an elastic composite according to the
methodology in Appendix 2. For the purposes of this analy-
sis, a symmetrical reinforcement array of 6 x 25 mm rebar
per metre, 75 mm from each surface is used. The moment
of inertia, section depth and total area are calculated for
the rebar arrangement. The procedure is then similar as
that described in Appendix 2 for steel sets. The relevant
properties are given in Table 3.

The aging of shotcrete is neglected here as the excavation
rate is very slow (approximately 1 m per day). The shot-
crete used at the site was of very high quality and 7 day
strength and stiffness values are used.
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The short- and long-term liner loads are shown in Figure 35
for the full face excavation and for the top heading and
bench option. The compromise required to provide a bench
for face support results in a less uniform loading of the two
halves of the arch and the build-up of moments in the slid-
ing joint area. This effect is exaggerated dramatically if the
final lining is installed before the sliding gap has closed.

To analyze the loadings within the steel and concrete com-
ponents of the final inside lining layer, the equations in Ap-
pendix 2 are used to partition the loads and moments and
to generate elastic capacity envelopes for comparison as

shown for the full face options in Figure 36.

Full Face

Gap:Final Lining at 10m No Gap:Full Liner at 2m

) O
) ()

Long-
Term

G'ap.- Final Lining at 10m Gap:Final Lining at 5m

Top Heading and Bench

O

Axial Thrust Moment Shear Force

Radius=25MN Radius=0.4MNm Radius=0.5MN

Figure 35. Relative magnitudes and distribution of total
axial load, moment and shear load in the final 40 cm
thick reinforced layer. Values plotted inside tunnel as
solid represent short term loading conditions. Hatched
values outside of tunnel represent long term conditions.
Red shading indicates positive values for moment and
shear, Green shading indicates negative values. This inner
final liner layer is modeled elastically. This plot does not
include residual loadings in the plastic outer lining layer
(steel sets embedded in 20 cm shotcrete).

Table 3. Liner properties for reinforced 40 cm inner liner
(for use with Appendix 2).

Tunnel Radius 2.52m
Rebar Properties

Number of Pairs per Section 6

Height of Rebar Section 0.25m

Area of Section 0.005985 m’
Moment of Inertia 9.40E-05 m*
Young's Modulus 200000 MPa
Poisson's Ratio 0.3
Compressive Strength 400 MPa
Tensile Strength -400 MPa
Width of Section 1m
Shotcrete Properties

Height of Section 0.4 m
Young's Modulus 30000 MPa
Poisson's Ratio 0.2
Compressive Strength 40 MPa
Tensile Strength -4 MPa
Number of sets n 1
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Figure 36. Partitioned liner loads compared to component
capacity envelopes for full face tunnel option. Circles repre-
sent a full 60 cm lining, as per Figure 32b, installed in one
step 2 m from the face. Triangles represent the option in-
volving W 6x 20 sets installed at the face with a sliding gap
in combination with 20 cm of shotcrete, followed at 10 m
distance by a filled gap and 40 cm of reinforce shotcrete.
These plots are for the inner 40 cm of reinforced shotcrete
only. Filled symbols represent short term loading while
open symbols are for long term loading.

The most obvious result from Figure 36 is the large axial
thrust predicted in the full lining installed near the face with
no sliding joints. This confirms the conclusion from Figure
29 and points to the definite requirement to allow deforma-
tion prior to full lining installation. For the full face excava-
tion, the liner with a sliding joint and with the final rein-
forced layer applied at 10 m from the face performs well,
giving a factor of safety for long term loading greater than
2 for all loading combinations. The limiting state is the
short term moment in the shotcrete component (FS = 2).
In this case the gap closed automatically in response to
loading, between 5 and 10 m from the face, well before
final lining installation.

As discussed, logistical and safety issues related to defor-
mation and deterioration of the face mandated the adoption
of a top heading and short bench sequence. This required
the lining to be installed as an immediate top and slightly
delayed bottom section. The partitioned capacity plots for
top heading and bench excavation are shown in Figure 37.

For the top heading and bench option, the predicted per-
formance is adequate in short and long term loading pro-
vided that the gap (sliding joint) is filled and the final lining
completed after the joint has fully closed or the deforma-
tions have stabilized. The penalty for delaying liner comple-
tion will be unacceptable degradation and yielding of the
initial 20 cm lining and the steel sets resulting in service
and safety problems. While this initial composite layer is
expected to yield to some degree, excessive yielding should
be avoided. In addition, a long delay in the installation of
the final liner could lead to loss of wall control.

The ideal condition is to fill the gap with shotcrete immedi-
ately upon joint closure to complete the lining. In this ex-
ample, the joint or gap closes between 6 m and 10 m from
the face. The triangles in Figure 37 represent completion of
the final liner at 10 m. The limiting state in this case is the
short term moment in the shotcrete (FS > 2). The open
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circles in Figure 37 represent the case of premature com-
pletion of the final lining at 5 m from the face.

2
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Figure 37. Partitioned liner loads compared to component
capacity envelopes for top heading and bench options. In
these analyses, the sliding joint (gap) closes automatically
under load between 5 and 10 m. Circles represent comple-
tion of the final lining at 5 m from the face (before gap clo-
sure). Triangles represent the completion of the final lining
at 10 m from the face (after gap closure). These plots are
for the inner 40 cm of reinforced shotcrete only. Filled sym-
bols represent short term loading while open symbols rep-
resent long term loading.

This design requires careful construction monitoring and
management. If the gap is filled with shotcrete and the final
lining competed before the joints are allowed to close or
before deformations have stabilized, the penalty is in-
creased axial, shear and moment loading throughout the
liner. In the case shown here, cracking will be induced due
to high moments for short term loading and the factor of
safety for all loading combinations drops for long term load-
ing.

Even with excellent construction management, however, it
is possible that liner completion could take place too soon
for some individual segments or rounds within the tunnel.
From a hazard mitigation perspective it is important to un-
derstand the consequences of this possibility. The factors of
safety illustrated in Figures 36 and 37 refer to initial crack-
ing of the liner. Figure 38 illustrates an alternative analysis
of the results in which the non-partitioned liner loadings
and capacity envelopes are calculated in a non-linear fash-
ion, using the program Response 2000 (Bentz, 2000) that
allows plastic (cracked) moments.

Figure 38 shows that the critical loading, in the case of
premature completion of the liner, is the short term mo-
ment. This is indicated by the calculated values falling out-
side the capacity envelopes for cracking. These envelopes
are equivalent to the elastic envelopes for the partitioned
liner, presented in the previous figures. This case still falls
within the solid capacity envelopes representing the ulti-
mate load capacity of the liner with tension cracks fully
developed and internal loading redistributed. This indicates
that the prematurely installed final lining will not collapse
catastrophically in compression or bending. Instead, cracks
would become visible during the construction phase of the
tunnel and repairs can be made.
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Figure 38. Total (non-partitioned) thrusts and moments
from modeled inner liner of 40 cm reinforced shotcrete.
Dashed envelopes represent limits for initial cracking of
shotcrete. Solid envelopes represent capacity limits ac-
counting for the development of additional moment capac-
ity in the cracked liner as well as accounting for the tensile
strength of the reinforcement (Vecchio and Collins, 1986).
Triangles represent installation of the final lining at 10 m;
circles represent completion at 5 m. Filled symbols indicate
short term loading; open symbols indicate long term load-
ing. Sliding joint closes automatically between 5 and 10 m
from the face.

The ultimate result is a reduced long term factor of safety
for all loading conditions, again reinforcing the need for
good construction management to ensure the correct instal-
lation sequence for potentially variable rock mass condi-
tions and deformation rates.

The appearance of the tunnel, constructed as described in
this example, is shown in Figure 39.

LS S S b

Figure 39. Completed section of tunnel with a 60 cm thick
reinforced shotcrete lining, placed in two layers as de-
scribed above.

4 CONCLUSIONS

A methodology for the design of tunnel linings has been
presented. While this approach has been used by specialist
tunnel designers for many years, it has never been de-
scribed comprehensively in a single document that allows
the reader to follow all the derivations and the step by step
calculations. To make this process as easy as possible to
follow, the authors have included two case history based
examples, one for a very shallow tunnel and the other for a
very deep tunnel. These examples have been chosen to
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highlight the complex loading conditions that can occur
under different geological and topographic conditions and
how these complexities can be incorporated into a rational
lining design.

The support capacity diagrams are based on elastic analysis
of the support elements and this implies that no tensile
cracking or compressive crushing of the shotcrete or con-
crete elements is acceptable. These simplified calculations
allow the user to optimize the design of the lining compo-
nents relatively quickly and efficiently. It has been demon-
strated that, where tensile cracking becomes an important
consideration, more sophisticated non-linear structural de-
sign approaches, which allow for crack development, can be
used.

5 ACKNOWLEDGEMENTS

The authors wish to acknowledge the important contribu-
tion made by Professor Evan Bentz of the University of To-
ronto who, by making his structural program Response
2000 available, provided the means for the early develop-
ment of the procedures described in this paper.

Ing Rafael Guevara Bricepo, consultant on the Yacambi-
Quibor project in Venezuela, has worked with Dr Evert Hoek
for many years and has also cooperated with all the authors
in the development of many of the ideas presented in this
paper. He has taught all of us a great deal about the reality
of very difficult tunnelling.

The permission of Sistema Hidraulico Yacambi-Quvbor C.A.
(http://www.yacambu-quibor.com.ve/) to use information
on the Yacambi-Quibor tunnel is acknowledged.

6 SOFTWARE

The methodologies described in this paper can be used with
any modern numerical package provided the input and veri-
fication of results are done according to equations and pro-
cedures presented. The three-dimensional analyses were
carried out using FLAC3D, developed and sold by Itasca
(www.itascacg.com) while all other calculations were per-
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(http://www.ecf.utoronto.ca/~bentz/home.shtml).
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8 APPENDIX 1 - CALCULATION OF LONGITUDINAL
DISPLACEMENT PROFILES

In order to design the appropriate timing for the installation
of stiff support or when optimizing the installation of sup-
port with specific displacement capacity, it is important to
determine the longitudinal closure profile for the tunnel. A
portion of the maximum radial displacements at the tunnel
boundary will take place before the face advances past a
specific point. The tunnel boundary will continue to displace
inwards as the tunnel advances further beyond the point in
question. This longitudinal profile of closure or displacement
versus distance from the tunnel face is called the longitudi-
nal displacement profile and can be calculated using three-
dimensional models for complex loading and geometric
conditions or with axisymmetric models for uniform or iso-
tropic initial stress conditions and circular tunnel cross sec-
tions. This profile can be used to establish a distance-
convergence relationship for 2D modeling or for analytical
solutions (as in Carranza-Torres and Fairhurst, 2000). The
following discussion of longitudinal displacement profile
estimation is excerpted from Vlachopoulos and Diederichs
(2008).

In order to facilitate analytical calculations of ground re-
sponse (convergence-confinement) Panet (1995) derived a
relationship for the longitudinal displacement profile based
on elastic analysis:

A\
i,

(A1.1)

o2
| 3+4d, )

N J

L
Upax 4 4

where dt = X / R, u, is the average radial displacement at
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a specified longitudinal position, X, and umax is the maxi-
mum short term radial displacement distant from the face
and corresponding to plane strain analysis of a tunnel cross
section. R; is the tunnel radius and X is positive into the
tunnel away from the face (X = 0). The position X is nega-
tive into the rock ahead of the face and is specified along
the tunnel centerline.

Numerous other authors have suggested alternative ex-
pressions for the elastic longitudinal displacement profile
including Unlu and Gercek (2003) who noted that the curve
in front of the face and the curve behind the face do not
follow a single continuous functional relationship with X.
The radial deformation profile with respect to distance from
the face is accurately predicted for the elastic case to be:

i, u
forx<0 ——= 0

Hmax Umax

e

(A1.2)

s u
forx>0 —I =_"0

Umax  Ymax

+ Ab (1 — (Bb (Ab + df )JE )

where ug is the radial displacement at the face location
(X=0) and A,, As, B,, Bpare functions of Poisson’s Ratio:

u
0 —022v+0.19;
max

A4,=-022v-0.19: B, =0.73v + 0.81
Ay =-0.22v +0.81; B = 0.39v +0.65

u
(A1.3)

These preceding equations are for elastic deformation. Pa-
net (1993, 1995), Panet and Guenot (1982), Chern et al.
(1998) and other have proposed empirical solutions for
longitudinal displacement profiles based on plastic modeled
deformation of varying intensity (correlated to various in-
dices such as the ratio between insitu stress and undrained
cohesive strength, for example).

Alternatively, an empirical best fit to actual measured clo-
sure data can be used (for example based on data from
Chern et al, 1998):

1T
&

Ur  _| 14 o\1:10)

Umax

(A1.4)

A

These relationships are summarized in Figure A1.1.
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Figure Al.1: Longitudinal displacement profile functions
from various researchers and example data from Chern et
al.(1998).

The development of radial deformation, however, is directly
linked to the development of the plastic zone as the tunnel




advances. Studies by the authors have shown that the lon-
gitudinal displacement profile function proposed by Panet
(1995) and by Unlu and Gercek (2003) is reasonable for
plastic analysis provided that the radius of the plastic zone
does not exceed 2 tunnel radii and provided that the yield-
ing zone in the tunnel face does not interact with the devel-
oping yield zone around the tunnel walls as illustrated in
Figure A1.2.

The advancing front of plastic yielding is bullet shaped in
three dimensions and for large plastic zones (radius of plas-
tic zone Rp,>> 2) the shape of this developing yield zone is
geometrically similar for increasing maximum plastic radii.
There is no reason, therefore to expect that a single longi-
tudinal displacement profile will suffice for these conditions.
In order to account for the influence of increased overall
yielding on the shape of the normalized longitudinal dis-
placement profile, the most logical index to relate to the
longitudinal displacement profile function is the ultimate
radius of the normalized plastic zone radius, Rp/R:.

Tunnel

a)

Figure Al1.2: a) Plastic yield zone developing as tunnel ad-
vances to the left. Maximum plastic zone radius is less than
twice the tunnel radius and the wall yield zone does not
interact with the face yield zone (Panet’s 1995 longitudinal
displacement profile is valid); b) wall yield zone more than
double the tunnel radius and interacts with face yield zone
(Panet’s longitudinal displacement profile is not valid).

To illustrate this problem, one series of analyses were per-
formed involving a radial tunnel section and an axi-
symmetric analysis along the tunnel axis. The first suite of
analyses is based on a typical rock mass at 1100m depth in
graphitic phyllite found in the Yacambu-Quibor Tunnel in
Venezuela. This is case Aiin the table below. In this case
the initial insitu stress is approximately 10 times the esti-
mated rock mass uniaxial strength. 5 other rock masses are
investigated with increasing strength (increasing intact
strength and/or GSI) giving a series of representative cases
with varying po/Vm(in situ stress/rock mass strength). The
rock mass parameters are summarized in Table A1.1.

The rock mass strengths are estimated as per Hoek et al
(2002) and the elastic moduli are estimated based on Hoek
and Diederichs (2007). A second set of analyses were per-
formed based on rock mass A; (plastic) and G; (elastic) in
Table Al.1 the stress levels listed in Table A1.2:

The tunnels were analyzed (with Phase2) in plane strain
cross section to determine the extent of the plastic zone
and the maximum radial deformation in each case. In addi-
tion, the cases were analyzed, using axisymmetric models,
with 1 m incremental advance to determine the longitudinal
displacement profile in each case as shown in Figure A1.3.
The maximum displacements and sizes of plastic zone were
comparable between the radial and longitudinal models.
These summary results are presented in Table A1.3 and the

resultant normalized longitudinal displacement profiles are
presented in Figure Al.4.

Table Al1.1: Rockmass parameters for longitudinal dis-
placement profile analysis using PHASE2 (constant P, = 28
MPa)

Ay By o] Dy Ey F1 Gy

Py/Gem 10 8 6 4 2 1 Elastic
o (MPa) 35 35 35 50 75 100

mi 7 7 7 7 7 7

v 0.25 0.25 0.25 0.25 0.25 0.25

GSI 25 35 45 48 60 74

m 0.481 0.687 0.982 1.093 1.678 2.766

B 0.0002 0.0007 0.0022 0.0031 0.0117 0.0536

a 0.531 0.516 0.508 0.507 0.503 0.501

Emm (MPa) 1150 2183 4305 7500 11215 27647 1150
Gem(MPa) 2.8 3.5 4.7 7 14 28

Py (MPa) 28 28 28 28 28 28 28
Radius, m 2.5 2.5 2.5 2.5 2.5 2.5 2.5

Table A1.2: Rockmass parameters for longitudinal dis-
placement profile analysis using PHASE2 (constant o =
2.8 MPa)

Ay B> C Dy E> Fa Gy
Py/Gem 10 8 6 4 2 1 elastic
Py (MPa) 28 22.4 16.8 11.2 5.6 2.8 28
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Figure A1.3: B)WYHMIMNYinnel section for PHASE2 analysis;
(down) axisymmetric model with 1 m excavation stages
(tunnel advances to the left).

Table A1.3: Summary results from radial and longitudinal
(axisymmetric) analysis
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Py/Goy 10 8 6 4 2 1 Elastic
Plastic Ry 7.5 5.1 35 23 1.5 1.2 1
Max Disp 2.14 0.571 0.154 0.0495 0.0148 0.00367  0.0753
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Figure Al.4: Modeled longitudinal displacement profile re-

sults for axisymmetric models: (top) constant Po model
results; (bottom) constant V.mmodel. Labeled results (A-G)
correspond to models in Table A1.3.

By inspection of Figure A1.4 it is evident that the longitudi-
nal displacement profile does not correlate with the stress/
strength index Po/Vem as the set of curves in both plots
represent the same selected values for this ratio and yet
have different longitudinal displacement profiles. Analysis of
the data, however, shows a direct correlation with the
maximum normalized plastic zone, R,/R:, as expected. The
correlation between ug/umaxat X/R: = 0 (at the face) and the
maximum plastic radius, R,/R:, is shown in Figure A1.5.
Ignoring the influence of Poisson’s ratio (negligible com-
pared to plastic yielding) the best fit relationship (inde-
pendent of material parameters and stress levels) is:

“o _1 _-01sp,

- Al.5
Umax 2 ( )

where P, = R, / Rt
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table A1.4. MaximumRadiusof PlasticZone (Rp)/TunnelRadius (Rt)

The relationships proposed by Unlu and Gercek (2003) cor-
rectly illustrate that the behaviour ahead of the face (X<0
into the rockmass) does not follow the same continuous
function as the behavior (progressive displacement) behind
the face (X>0 in the tunnel). Their functions summarized in
Equation Al.2, do not, however, capture the influence of a
large developing plastic zone.

Based on the analysis in the preceding discussion, a new
set of relationships are presented here that capture the
influence of large plastic zone development on the longitu-
dinal displacement profile. Equation Al1.5 gives the relation-
ship between normalized plastic radius and normalized clo-
sure at the face (X=0). Equations A1.6 and Al.7 give the
best fit longitudinal displacement profile for X<0 and X>0
as a function of normalized maximum plastic zone radius.

s _ up .{;dr

Umax  Ymax

for X < 0 (in the rock mass) (A1.6a)

() A
d, = ln[ — for w<uy (A1.6b)

iy J

where ug/Umax is given by Equation Al1.5.

3d,
s N ——
u u 2 X .
=1-|1- 0 -e 25, for X = 0 (in the tunnel).
Hmax . Ymax /
(A1.7a)
2 ((u . —u)
d,=—=P In| —— ‘ for wu=u, (A1.7b)
3 T

The correlation with model data is shown in Figure A1.6

There is an important caveat to consider when using nu-
merical analysis to compute longitudinal displacement pro-
files. When using axisymmetric or full three-dimensional
models to determine the longitudinal displacement profile
relationship, it is important to consider the excavation rate.
A stress front builds ahead of the bullet shaped plastic zone
and influences the rate of plastic zone development. Such
models will yield a different apparent longitudinal displace-
ment profile depending on the size of the excavation step.
This is clearly shown in Figure Al1.7, where there is a sig-
nificant difference between the instantaneous excavation
and the 1m (0.2D) step simulation (other excavation step
sizes shown for comparison). For support sequencing it is
important to simulate the actual excavation step size or, if
the tunneling is continuous (TBM), to use a small step size.
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9 APPENDIX 2 - MOMENTS AND FORCES IN LINING
ELEMENTS

In a typical tunnel design in which support consists of steel

sets embedded in shotcrete, the designer needs to know
the contribution of each of these support elements and to
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be able to adjust the number and dimensions of each to
accommodate the loads imposed on the lining. In current
tunnel design, these loads are obtained from numerical
analyses in which “beam elements” are attached to the
tunnel boundary and the axial thrust, bending moments
and shear forces induced in these elements are computed
directly.

Note that these beam elements constitute “tunnel support”
and they interact with the surrounding rock mass to limit
the convergence of the tunnel. On the other hand, rockbolts
act as “tunnel reinforcement” in that they change the me-
chanical properties of the rock mass surrounding the tun-
nel. Hence, it is possible to carry out a numerical analysis of
a tunnel reinforced by means of rockbolts and supported by
means of a composite lining. The loads imposed on the lin-
ing will be reduced by the reinforcement and the composite
lining will respond to these reduced loads. The analysis that
follows is valid whether rockbolts are present or not, pro-
vided that the numerical analysis correctly models the load
transfer from the rock mass onto the lining.

Figure A2.1 represents the problem to be analyzed involv-
ing a section of composite liner of width b comprising n
steel sets and n units of shotcrete — note that if n units of
each material exist along the width b, this is equivalent to
saying that the units are spaced at s = b/n. The composite
section in Figure 1 can be regarded as an equivalent section
of width b and thickness te,.

The steel sets are assumed to be symmetrically placed in
the shotcrete lining so that the neutral axes of both the
steel sets and the shotcrete lining are coincident. For the
purposes of this analysis it is assumed that the complete
shell behaves elastically. This is a reasonable assumption
since the tunnel designer generally attempts to design the
lining so that it will not fail.

Steel set

Shotcrete

the steel sets and moments Mg, and thrusts Neya
in the shotcrete shell.

In order to calculate the moments and axial thrusts induced
in the steel sets and the shotcrete shell and to compare
these with the capacity of the steel sets and shotcrete, the
following steps are required:

1. An “equivalent” rectangular section with a width of b, a
thickness t.; and a modulus of E.q, is determined.

2. The capacity of the steel sets and the shotcrete lining are
determined.

3. A numerical model of the tunnel is constructed and beam

elements representing the equivalent rectangular section
are applied to the tunnel perimeter.
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4. The bending moments and axial thrusts are redistributed
back onto the steel sets and shotcrete lining.

9.1 Calculation of equivalent section

The properties of the equivalent rectangular section are
calculated as follows. For plane strain conditions the com-
pressibility coefficient Dy and flexibility coefficient K for
the steel sets are:

E, A

D, == A2.1

st -2 ( )
E,I

Ky =—"13 (A2.2)
I-v

where Egis the Young’s modulus of the steel
As is the cross-sectional area of each steel set
I+ is the moment of inertia of each steel set and
Q is the Poisson’s ratio of the steel

For the shotcrete shell, the compressibility and flexibility
coefficients are:

Epgd

Dy, = —H=0 (A2.3)
1-vg,

Ky = ELI;}J‘ (A2.4)
1-vy

where  Egnis the Young’s modulus of the shotcrete
Asp is the cross-sectional area of each unit of shot-
crete = s.ty,
Isnis the moment of inertia of each unit of shot-
crete = (s.ts°) / 12
Q is the Poisson’s ratio of the shotcrete

The equivalent compressibility and flexibility coefficients for
the composite lining are:

D, =n(D; +Dg) (A2.5)

K, =nK,+K,) (A2.6)

The equivalent section has a width of b, an equivalent sec-
tion thickness t,,and the equivalent modulus Ee. The
equivalent compressibility and flexibility coefficients can be
written as:

D, = b.r‘eqfeq (A2.7)
b1,
Kq=Eq; (A2.8)

Solving for the variables t.; and Eg,:

2K

req = |I 4
\I ng (A2.9)
D

E,=—% (A2.10)
breq

9.2 Calculation of support capacity

In order to check whether the induced stresses in the steel
sets and shotcrete lining are within permissible limits, it is
useful to plot the moments, shear forces and thrusts on
support capacity diagrams. The support capacity curves are
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calculated as follows:
9.2.1 Moment-thrust capacity

The maximum permissible compressive and tensile stresses
induced in the lining are given by:

O _ N Mt
FS 4 21 (A2.11)
Cow N M

Zon 22 A2.12
FS 4 2I (A2.12)

where FS is the factor of safety.

The maximum and minimum permissible thrust capacity is
obtained by substituting M = 0 in equations A2.11 and
A2.12, giving:

Ao
N — 7 max (A2.13)
max FS
Adc
N = 2%mm
min ES (A2.14)

The maximum bending moment is obtained when tensile
and compressive failures occur simultaneously which, by
eliminating N from equations A2.11 and A2.12, gives:

{ B
— 4 O max ~ Tmin {

FS )t

Moo

(A2.15)

The corresponding normal force N, at which these maxi-
mum moments occur is given by:

_ A(Umax + Gmin)
2FS

N,

cr (A2.16)

9.2.2 Shear force-thrust capacity

In terms of shear force and axial thrust relationships:

N
T =7 (A2.17)
P E—
3 o ,
o =—2mx | (A2.19)
2\ 2 )
o}
FS=—£="_¢ (A2.20)
o, O
For failure in compression:
= chA_9Q-'FS (A2.21)
FS 40,4
For failure in tension:
yoOd 907FS (A2.22)
FS  4c;4

The critical value of the shear force Q. associated with a
particular factor of safety FS for both failure in compression
and tension at the same time is:

4 | 4oc.0,

QC?‘ :+

s\ 9 (A2.23)
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Note that o; is negative.

9.3 Redistribution of thrust and moment onto steel
sets and shotcrete

The bending moments, shear forces and axial thrusts are
calculated by means of a numerical analysis and for the
equivalent composite lining of width b and thickness te. In
order to consider the behavior of the steel sets and the
shotcrete separately, it is necessary to redistribute these
thrusts and moments back onto the individual support ele-
ments.

Since many of the linings are attached to curved surfaces
and, in some cases, these linings are relatively thick com-
pared to their radius R, it is necessary to consider the redis-
tribution in terms of a thick curved beam solution. This so-
lution is the most general since it automatically degener-
ates to a thin beam solution as the radius of curvature in-
creases to infinity.

The equations for the redistribution of the moment M, axial
thrust N and shear forces Q induced in any one of the beam
elements representing the equivalent shell are:

Steel set moments:

M, = _ MR, (A2.24)
”(Kﬁ - K.sh)
Shotcrete moments:
MK
M. —_ sk
sh }I(KH +K,,) (A2.25)

Steel set thrusts:

;'\'T-D;F + M (‘D:h K.sr — DSI‘KS” )

N, = (A2.26)
i ”(Dﬂ _D:.F:) nR(D:! _D:h)(K:r—i—K:h)
Shotcrete thrust:
N.D MD. K. . -D K
N, = sh _ ( sh™* st st :h) (A2.27)
”(D:r—i—D;h) ”R(Dsz _Dsh)(Kﬂ _Ksh)
Steel set shear forces:
K
0, =— &« (A2.28)
. ”(Ksr - K:h)
Shotcrete shear forces:
Q‘K:h
P 0, =——F— (A2.29)
n(Kﬂ _Ksh)

9.4 Support capacity plots

The capacity plots described above can be calculated by
means of a simple spreadsheet. The following input para-
meters have been assumed for this analysis

Steel sets

Tunnel radius R=2m
Steel set spacing s=0.6m
Steel set height tst = 0.162 m

Ae=4.75x 10" m’
I.=223x10"m*
E..= 200,000 MPa
Q=0.25

Ve = 500 MPa

stt = ‘500 MPa

Area of steel set
Moment of Inertia
Modulus of steel
Poisson’s ratio
Compressive strength
Tensile strength
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Shotcrete lining

Shotcrete thickness tsh =0.2m
Modulus of shotcrete Es, = 30,000 MPa
Poisson’s ratio Q =0.15
Compressive strength Vesn= 40 MPa

Tensile strength
Area of shotcrete
Moment of Inertia

Vesh = -2.5 MPa
Ash = S.tsp= 0.12 m2
I»=s.t:43/12=0.0004 m*

Calculation of Support capacity diagrams for a Factor of
Safety = 1.0

Steel sets M N

Maximum Thrust 0.00 2.38
Maximum moment 0.14 0.00
Minimum thrust 0.00 -2.38
Minimum moment -0.14 0.00
Complete fig 0.00 2.38
Shotcrete lining M N

Maximum Thrust 0.00 4.80
Maximum moment 0.09 2.10
Minimum thrust 0.00 -0.60
Minimum moment -0.09 2.10
Complete fig 0.00 4.80

Shear force - axial thrust plot

Steel sets Q N N
Maximum shear force 1.58
Minimum shear farce -1.58

1.56 0.00 0.00
119 1.04 -1.04
079 178 -1.78
040 223 -223
000 238 238
-0.40 223 223
079 178 -1.78
-1.19 1.04  -1.04
-1.58 000 000

Shotcrete lining Q N N
Maximum shear force 1.13
Minimum shear force -1.13

1.13 420 4.20
0.85 4.48 210
0.57 4.65 0.60
0.28 476  -0.30
0.00 480  -0.60
028 476  -0.30
-0.57 465 0.60
-0.85 4.486 2.10
113 420 4.20

The following forces induced in the lining described above
are redistributed into the steel and shotcrete components
as defined by Equations A2.24 to A2.29. The lining was
installed in a circular tunnel with a radius of 5 m in a rock
mass with properties defined by:

Modulus E = 4000 MPa
Peak cohesion = 2 MPa, Residual cohesion = 1 MPa
Peak friction angle = 40q, Residual friction angle = 35q

The rock mass is subjected to a horizontal stress normal to
the tunnel axis of 4 MPa and a vertical stress of 2 MPa. The
horizontal stress parallel to the tunnel axis is 2 MPa.

The results of these calculations are plotted in Figure A2.2.
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Redistribution of forces into steel and shotcrete lining components (Equations A2.24 to A2.29)

Tatal M

0.00692
0.00521

0.00451

0.002686
-0.00057
-0.00283
-0.00518
-0.00832
-0.00680
-0.00519
-0.00215
-0.00121
0.00239
0.00456
0.00617
0.00626
0.00631

0.00500
0.00241

-0.00023
-0.00324
-0.00827
-0.00740
-0.00733
-0.00461
-0.00295
0.00012
0.00357
0.00526
0.00680

Total Q

0.00242
0.00049
0.00371

0.00206
-0.00719
-0.00224
0.00738
-0.00213
0.00133
-0.00831
-0.00787
-0.00529
-0.00134
-0.00336
0.00073
-0.00133
-0.00002
0.00211

0.00237
0.00829
0.00972
0.00100
-0.00508
0.00174
0.00103
-0.00449
-0.01188
-0.00367
-0.00100
-0.00150

Steel N

0.40880
0.43527
0.49292
0.57431
0.67026
0.77803
0.86640
021111
0.81191
0.86533
0.79319
0.70242
0.59056
0.49313
0.43500
0.40879
0.42241
0.48075
0.57426
0.68655
0.79386
0.87449
0.91454
0.20659
0.85673
0.76633
0.65380
0.54585
046110
0.41097

Steel M

0.00121

0.00103
0.00079
0.00047
-0.00010
-0.00050
-0.00091
-0.00111
-0.00119
-0.00091
-0.00055
-0.00021
0.00042
0.00080
0.00108
0.00110
0.00111

0.00088
0.00042
-0.00005
-0.00057
-0.00110
-0.00130
-0.00129
-0.00081
-0.00052
0.00002
0.00063
0.00092
0.00119
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Steel Q)

0.00042
0.00009
0.00065
0.00038
-0.00126
-0.00039
0.00129
-0.00037
0.00023
-0.00146
-0.00138
-0.00093
-0.00023
-0.00059
0.00013
-0.00023
0.00000
0.00037
0.00042
0.00145
0.00170
0.00017
-0.00089
0.00030
0.00018
-0.00079
-0.00208
-0.00064
-0.00018
-0.00033

Shot N

1.39360
1.48383
1.68034
1.95781
2.28492
2.65229
2.95356
3.10595
3.10869
2.94989
270397
2.39454
2.01320
1.68109
1.48290
1.39355
1.43599
1.63887
1.95762
2.34045
270624
298111
311764
3.09055
2.92057
261239
2.22878
1.86081
1.57188
1.40097

Shot M

0.00294
0.00251
0.00192
0.00113
-0.00024
-0.00120
-0.00220
-0.00269
-0.00289
-0.00221
-0.00134
-0.00051
0.00101
0.00194
0.00262
0.00266
0.00268
0.00213
0.00102
-0.00012
-0.00138
-0.00266
-0.00314
-0.00313
-0.00196
-0.00126
0.00005
0.00152
0.00224
0.00289

Shot Q

0.00103
0.00021

0.00158
0.00088
-0.00305
-0.00095
0.00213
-0.00091
0.00057
-0.00353
-0.00334
-0.00225
-0.00057
-0.00143
0.00031

-0.00057
-0.00001
0.00090
0.00101

0.00352
0.00413
0.00042
-0.00216
0.00074
0.00044
-0.00191
-0.00505
-0.00156
-0.00043
-0.00081
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Figure A2.2. Support capacity diagrams and induced lining forces for the example described above.
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