Aiuvn KadobAa, Mecanvia

Ap. 62 - MAPTIOZX 2014

EAAHNIKH
EMXTHMONIKH
ETAIPEIA
EAAOOMHXANIKHX
& FTEQTEXNIKHX
MHXANIKHX

Ta N¢a
MCEEEETM

LYMMETOXEL EAAHNQN rEQMHXANIKQN
LE MPOXI®ATA LYNEAPIA
FTEQTEXNIKOY ENAIAD®EPONTOL

To TeAeLTAIO TPIUNVO TOL TTAPEABOVTOG ETOLG Sle€NxOnoay &i-
€0VN Kal EAANVIKG CLVESPIA EVEIAPELQOVTOGS YEDUNXAVIKOU.

To silaoTnua 2 - 5 Zemrepppiov 2013 Sie€nxOn oto Mapiot 1o
18t International Conference on Soil Mechanics and Geo-
technical Engineering “Challenges and Innovations in Geo-
technics” pe e€QIpeTIKA peyaAn emTuxia. H EEEETM cuppeTeixe
HE 9 AVAKOIVAOEIG JEAQY TNG, Ol OTToieG TTapovaialovtal o€
avTo TO TELXOG. ETmiong 1O pEAOG pag MNwpyog Nkadlétag Ta-
pouvoiaoe TNV Ishihara Lecture katd tnv evapkThpla cuvedpia,
EVQ TO PEAOG Pag Kupialhg MIMAAKNG TTpoNndpevoe TNG CLVE-
Spiag mmouv Siopyavwbnke ammd Tnv TC 203 — 1 «Experimental
characterization and analysis of soil behaviour under earth-
quake loadsy, KaBWS Kal TNG epyounyLPEwS «Workshop TC
203 Geotechnical Issues in the Recent World Earthquakes:
Lessons and Mitigation Measuresy (padi e Tov A. Ansal).

To Sidotnua 23 - 26 XemtepPpiov 2013 sieENxON oto Wroclaw,
MoAwviag To EUROCK 2013 International Rock Mechanics
Congress. ITO OLVESPIO TTAPOLOIACTNKAY 4 APBPA PEAGDV
TNG EEEEIM, Ta omroia TapovaidlovTtal o€ auTo TO TELXOG, £V
TO PEAOG Pag AAEEQVEPOG ToPIAVOG TTPONSPELTE TNG CLVE-
Spiag S7 «Constitutive modeling & Computer simulationy. H
OXETIKN £KBeoN TTAPOLOIALETAI ETTIOCNG OTO TELXOG ALTO.

To Sinuepo 7 kal 8 Noguppiov 2013 S1e€nxOn otnv ABrva 1o 2°
MaveAARVIo TuveSpIo PPAYUATWY KAl TAUIELTAPWY. ITO CLVE-
Splo TTapovaoiacTnkay 53 apBpa, Evag YeyAAog apiBUOG TV
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18" International Conference
on Soil Mechanics and
Geotechnical Engineering
“Challenges and
Innovations in Geotechnics”

The 18th International Conference on Soil Mechanics and
Geotechnical Engineering (18 ICSMGE), which took place
from 2 to 6 September 2013 at the Palais des Congrés of
Paris (France) and was organized by the French Society for
Soil Mechanics and Geotechnical Engineering (CFMS), was a
very successful event. It was preceded by the 5th Inter-
national Young Geotechnical Engineers’ Conference (iYGEC
2013) held on the 31st of August and 1st of September at the
Ecole des Ponts at Marne-la-Vallée (which brought together
164 participants from 57 countries - see report by Yu-Jun
Cui, Chair of the iYGEC OC in the ISSMGE Bulletin, Volume 7,
Issue 6, December 2013).

On Sunday 1st of September, the 80 Member Societies at-
tending or being represented elected the new President of the
International Society for Soil Mechanics and Geotechnical
Engineering (ISSMGE) for four years: Professor Roger Frank
(Ecole des Ponts, France) was elected, and he thus succeeds
Professor Jean-Louis Briaud (Texas A&M University, Texas,
USA). Of course, the CFMS, which had nominated him, con-
gratulates him and will support him in his work throughout
the four years. At the same meeting, the host city of the next
International Conference in 2017 was decided: it is Seoul
(South Korea).

The participation in the 18th ICCSMGE was a success: there
were 2081 participants in total, 179 accompanying persons
and 87 exhibitors, including four partners, one Platinum
sponsor and 15 Gold sponsors. In particular, 1875 partici-
pants were registered for the scientific sessions. A big thank
to all of them, as they made the Conference possible. The 12
plenary sessions on Monday and Tuesday brought together
up to 1650 participants. The important implication of the
Technical Committees (TCs) of the ISSMGE created a strong
mobilisation in the 55 parallel sessions held on Wednesday
and Thursday consisting of 28 discussion sessions, 19 work-
shops and 8 special sessions (there were on average 800
participants during each of the seven time slots).

The four volumes of the Proceedings of the 18th ICSMGE
(3486 pages, plus the table of contents and the index of au-
thors) contain the Terzaghi Oration, the Honour Lectures, and
the Special Lectures, followed by the written contributions
presented according to the relevant TC and introduced by the
TC General Reports. More than half of the 772 written contri-
butions were presented orally during the discussion sessions
(173) or during the poster sessions (230). The proceedings
will soon be available online, free of charge, through the
website of the CFMS (www.geotechnique.org) and the web-
site of the ISSMGE (www.issmge.org). Many pictures taken
during the sessions and breaks are already available on the
Conference website (www.issmge2013.0rg).

The 7 technical visits on Friday brought together about 133
participants. The Francophone event, which took place at the
Conservatoire National des Arts et Métiers (CNAM) on Friday
afternoon, gathered 64 participants on "Francophone Geo-
technics: education and sharing of knowledge”.

From the financial point of view, the high participation in
Paris 2013 should allow benefits which the CFMS will spend to
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promote geotechnical engineering and geotechnical engineers
in countries which need financial support.

The Geotechnical Exhibition "Underneath ground", organised
inside the museum of CNAM and which opened 2 months be-
fore the Conference, will go on for some 5 years more. It is a
great success with many young visitors: it aims at attracting
young talents towards the ground engineering professions in
our country (and in other countries too!). A virtual visit of the
Geotechnical Exhibition will be uploaded soon.

Philippe Mestat, IFSTTAR, President of the CFMS, Chairman of
the 18th ICSMGE

Jacques ROBERT, ARCADIS, Vice President of CFMS

Opening session of Paris 2013 Conference in the great amphi-
theatre of the Palais des Congrés of Paris

Poster presentation in the corridors leading to the parallel
sessions

Gala dinner at the Pavillon Dauphine

Ta apbpa Twv peAwv Tng EEEEMM napouacialovTal oTiG endpe-
veG 0eAideg (e aA@aBnTIK C€IpA TOU NPWTOU CUYYpaAPEa).
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ABSTRACT: On December 29th 2010, a 30 m high slope
failed at the Xerolakka Municipal Solid Waste landfill in
Greece. The failure resulted in temporary interruption of the
landfill disposal activities and closure of the landfill access
road; it also received significant media attention. A recon-
naissance of the landfill slope instability was performed a few
hours after the failure. Subsequent data collection, field in-
vestigations and numerical analyses were performed to better
characterize the causes of the instability. Data collection in-
cluded review of available data regarding the landfill design
and the waste material at the Xerolakka landfill. Field investi-
gations included Lidar surveying to closely map the post-
failure geometry, as well as shear wave velocity measure-
ments that were used as a basis for characterization of the
MSW material and comparison with data available in the lit-
erature. Numerical analyses included limit equilibrium as well
as finite element analyses. The results of the investigation
indicate that the failure was caused by a combination of fac-
tors, including, inappropriate waste disposal practices, inade-
quate compaction, leachate and gas pressure generation and
increased steepening of the landfill slopes.

RESUME: Le 29 Décembre 2010, une pente de 30 m de haut
a échoué a la mise en décharge des déchets Xerolakka soli-
des municipaux en Grece. L'échec a entrainé une interruption
temporaire des activités de mise en décharge et la fermeture
de la route d'accés a la zone d'enfouissement et d'élimination
ont recu une attention médiatique importante. Une reconnais-
sance de l'instabilité de la pente d'enfouissement a été réali-
sée quelques heures apres |'échec. Aprés la collecte des don-
nées, enquétes sur le terrain et des analyses numériques ont
été réalisées afin de mieux caractériser les causes de l'insta-
bilité. La collecte des données comprenait un examen des
données disponibles concernant la conception de la décharge
et les déchets a la décharge Xerolakka. Les enquétes de ter-
rain inclus Lidar arpentage de prés cartographier la géométrie
post-rupture, ainsi que les mesures de vitesse de cisaillement
d'ondes qui ont été utilisées comme base pour la caracté-
risation de la matiere MSW et comparaison avec les données
disponibles dans la littérature. Des analyses numériques in-
clus équilibre limite ainsi que des analyses par éléments finis.
Les résultats de l'enquéte indiquent que la panne a été
causée par une combinaison de facteurs, y compris, les mau-
vaises pratiques d'élimination des déchets, le compactage
insuffisant, le lixiviat et la génération de la pression du gaz et
I'augmentation accentuation des pistes d'enfouissement.

KEYWORDS: Municipal solid waste, landfill, slope failure,
shear wave velocity

1 INTRODUCTION

To protect public health and the environment, Municipal Solid
Waste (MSW) landfill slopes need to be stable. Unfortunately,
numerous landfill slope failures have been documented in the
literature (e.g. Eid et al. 2000, Hendron et al. 1999, Kavazan-
jian and Merry 2005, Huvaj-Sarihan and Stark 2008) and

many more remain undocumented. Although such failures are
undesirable, it is important to learn from them so that similar
occurrences are avoided in the future.

This paper presents the field observations from a reconnais-
sance study performed within hours after the December 29th
2010 Xerolakka landfill slope failure, as well as subsequent
field measurements and stability analyses that were executed
to better understand the causes of the failure.

2  THE XEROLAKKA LANDFILL

The Xerolakka landfill is one of the nine MSW landfills in the
Region of Western Greece, located 5 km east of the City of
Patras. It is a canyon landfill at the foothills of the Pana-
chaikon Mountain. It started receiving waste in September
1993 and presently receives 300 tn of waste daily (Sufalnet,
2006).

The site is located on a geologic sequence of Pleistocene and
Pliocene claystone, marls and siltstones with lenses of sand-
stones that are generally considered intact. The groundwater
table fluctuates seasonally significantly.

A topographic map of the landfill is shown in Fig. 1. The first
cell of the landfill was geomembrane-lined. Subsequently the
use of geosynthetics was discontinued because of the pres-
ence of impermeable geologic formations (Seisakis and Rous-
sos, 1994). Due to strong public opposition, new cells were
not constructed, as anticipated in design. In the absence of
an alternative waste management solution, the landfill con-
tinued to receive waste. Thus, a waste mound with increasing
height and slope inclination was formed (shown in the south-
east side of Fig. 1) which partially failed on December 29th
2010.

Cross section — 345

Geomembrane lined area

Landfill failure

0 100 200m
)

__, Active waste disposal area
Figure 1. February 2011 topographic map of the Xerolakka
canyon landfill.

3  FIELD OBSERVATIONS

On December 29% 2010, early in the morning (around 08:00
am), a failure of one of the landfill slopes occurred in the ac-
tive waste disposal area. The authors performed on-site re-
connaissance at 14:00. The waste slide had plan dimensions
of 50 m by 30 m and its crest was located at the top of the
landfill (absolute elevation of +340 m) whereas its toe
reached the access bench 27 m below. The volume of the
slided waste mass is estimated to be equal to 12,000 m>. The
waste slide debris covered one of the landfill benches that
was used as access road to the active waste disposal area,
thus disrupting landfill disposal operations. During the recon-
naissance visit, the waste that covered the access road was
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already partially removed and pushed downhill. A view of the
slide from the West is shown in Fig. 2 and a view of the slide
from its toe after removal of the waste from the landfill ac-
cess bench is shown in Fig. 3.

Figure 2. Waste slide view from the western side of the MSW
landfill.

Figure 3. Waste slide view from the access bench located at
the toe of the slide.

The waste slide is located adjacent to the graded canyon
slopes with the Northeast portion of the slide exposing the
native rock mass (also shown on the left side of Fig. 3). Pre-
cipitation on the steep canyon slopes in the vicinity of the
waste slide drains towards the waste mass due to the ab-
sence of surface water cutoff drainage ditches and percolates
in the waste.

The uppermost layer of MSW in the active waste disposal
area (i.e., the landfill crest) was not compacted and did not
include any daily soil cover. The compaction of waste had
reportedly ceased for at least a year prior to the failure and
daily soil cover was not used for many months, possibly
years. The absence of daily soil cover on the top waste layers
can be seen at the right side of Fig. 2. In addition, the gas
collection system was not operational.

The crest of the landfill was not graded properly to manage
surface water runoff due to precipitation and in the vicinity of
the failure slide mass, rainfall water was found to be ponding.
Leachate was observed to pour from the toe of the waste
slide whereas an interceptor trench that was built next to the
landfill bench was also found to contain leachate. Media pho-
tos from earlier in the morning of the 29" of December indi-
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cate a large wet area in the vicinity of the failure, apparently
from liquids that came out of the waste mass.

The December 29" 2010 failure occurred four days after a
rainfall event. A weather station located in the Port of Patras
at a distance of 4.5 km away from the landfill and at an abso-
lute elevation of +6 m, recorded approximately 11 mm of
precipitation for that event and a total of 16.5 mm in the five
days prior to the failure. Ten days earlier, another event with
a precipitation of 20 mm occurred. This amount of precipita-
tion is lower than the corresponding amount of rainfall in the
past two years; however, the geometry (height and inclina-
tion) of the landfill slopes had changed in the last year, ad-
versely affecting its stability. The complete absence of sur-
face water management system and daily soil cover, would
have allowed for the rainfall water to easily percolate in the
waste mass.

4  FIELD MEASUREMENTS

A high-resolution 3-D topographic map of the landfill area
was generated by performing terrestrial LIDAR (Light De-
tection and Ranging) measurements, in addition to conven-
tional geodetic survey. The measurements utilized land-based
laser scanning technology and allowed a reliable definition of
the failed waste mass. Field measurements of the in situ
shear wave velocity (Vso) were also performed. Shear wave
velocity is a critical parameter that has been used to charac-
terize the MSW (Zekkos, 2011). In this project, Vs, was used
to characterize the MSW and assist in the selection of values
for MSW material properties. Shear wave velocity profiles
were also explicitly used for the performance of seismic sta-
bility analyses that are not described herein.

The small strain shear wave velocity of waste material was
evaluated as a function of depth by applying the Spectral
Analysis of Surface Waves (SASW) and Refraction Micro-
tremor (ReMi) techniques. The application of these tech-
niques is preferred in the case of landfills due to their non-
intrusive nature (Matasovic et al., 2011). The Vso vs. depth
profile is shown in Fig. 4.
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Figure 4. Comparison of Vso vs depth profile at Xerolakka
landfill with other published cases of landfills.

Fig. 4 compares the Vs, vs depth profiles measured at Xer-
olakka landfill with the data available in the literature. The
mean and meanxsigma Vso curves are shown for MSW in
three geographic regions, specifically southern California
(Kavazanjian et al. 1996), northern California (Lin et al.
2004) and Michigan (Sahadewa et al. 2011). It is observed
that the in situ data from Xerolakka are in the lower range of
the literature Vso data. This difference may be attributed to a
number of factors including waste composition, but more




importantly the absence of waste compaction and daily soil
cover. It should be mentioned that, following the waste slide,
the placement of waste (from Dec. 2011 to May 2012) was
carried out in a single thick lift (~8 m), overlain by a soil
cover ranging from 1 to 3 m.

5 PROPERTIES OF MUNICIPAL SOLID WASTE

No site specific data was available on the MSW that was dis-
posed of at the Xerolakka landfill. Thus, for the performance
of the limit equilibrium and finite element stability analyses,
the measured Vso was used to guide the selection of MSW
properties. For the performance of the analyses the unit
weight, shear strength, deformation modulus (for the finite
element analyses) and Poisson’s ratio of MSW are required
and were selected as follows:

Unit Weight: The selection of the MSW unit weight has an
impact on the stability of the waste mass. On the basis of the
available landfill information and the Zekkos et al. (2006)
recommendations, for the 30 m thick waste mass, an average
unit weight value of 12 kN/m*® was used. This value is also
consistent with the unit weight value used for the design of
the landfill facility (Koronis 1995).

Shear Strength: The selection of appropriate shear strength
parameters is critical in evaluating the stability of the waste
mass. Bray et al. (2009) recommended a generic MSW shear
strength envelope. The recommended strength envelope was
the mean fit to a large dataset, however, various factors such
as waste composition and unit weight may result in variations
from this envelope. For example, the unit weight has an im-
portant impact on the shear resistance of MSW. As reported
by Zekkos et al. (2010), for waste with the same waste com-
position, a reduction in unit weight by 2kN/m? results in an
approximate reduction in shear strength by 20%. Considering
the absence of compaction and daily soil cover as well as the
particularly low measured shear wave velocity of the MSW,
the shear strength of the Xerolakka landfill MSW was reduced
by 20% from the shear strength envelope recommended by
Bray et al. (2009).

MSW elastic modulus and Poisson’s ratio: The large-strain
elastic modulus E. is an explicit input parameter in finite
element analysis. The value of E. impacts the calculated
displacements, but does not influence significantly the calcu-
lated factor of safety. In the present study, it was assumed
that the modulus is equal to 1/10 of the small-strain elastic
modulus E,, which was calculated from the measured small
strain shear modulus G,, whereas the Poisson’s ratio value
was assumed to be equal to 0.1, based on data available in
the literature (Zekkos, 2005).

6  STABILITY ANALYSES

Stability analyses of the Xerolakka landfill slope failure were
performed using both limit equilibrium (Geo-Slope 2007 -
SLOPE/W) and finite element (PLAXIS, 2004) analyses and
the material properties described earlier. Each analysis meth-
odology has its strengths and limitations. In finite element
analyses, there is no requirement to predefine candidate fail-
ure surfaces; instead, the failure surface with the lowest fac-
tor of safety is identified using the phi-c reduction methodol-
ogy (PLAXIS, 2004). Another known advantage of the FEM is
its ability to calculate displacements in every prescribed stage
of calculation as well as its ability to model progressive fail-
ure. In limit equilibrium methodology, the factor of safety for
a large number of failure surfaces is calculated and the one
with the lowest factor of safety is the critical one. For the
calculation of the factor of safety, the Spencer method
(Spencer, 1967) is used. Limit equilibrium methods do not
account for the presence of strain softening materials, since
no consideration of strains or displacements is made.

It is important to note that, in the case of Xerolakka landfill,
it is very difficult to evaluate the actual pore pressure regime
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within the waste mass due to the unavailability of field data.
Thus, stability analyses were performed for two cases: com-
plete absence of leachate table (provided a leachate and gas
collection system was operating properly) and for the case of
a high leachate table resulting from the absence/non opera-
tive leachate and gas collection system. The leachate table
used in the analyses was estimated on the basis of field ob-
servations, namely: 1) the presence of ponding water at the
crest of the landfill (near the waste slide) and 2) observed
seepage at the toe of the waste slide. The high leachate table
is intended to account in a conventional manner for the pres-
ence, and possibly flow, of leachate and more importantly the
generation of gas due to biodegradation. The amount of gas
generated can be significant and for that reason, modern
landfill facilities are equipped with a gas collection system
that collects the gas and either combusts it using a flame or
uses it to generate energy. There was no gas collection sys-
tem in the active waste disposal area. Gas and leachate pres-
sures would result in a reduction of the effective stress in the
waste and a subsequent reduction in the factor of safety.

7  RESULTS OF ANALYSES AND DISCUSSION

Analyses were performed for the selected properties and the
cross-section geometry at the location of the failure. The in-
clination of the slopes in the upper part of the landfill is as
high as 1.2:1 (horizontal to vertical). In the case of absence
of leachate table and gas pressure (“dry tomb” landfills), the
results of analyses indicate a stable condition with a calcu-
lated factor of safety equal to 1.60, i.e., higher than the 1.50
typically required. Additional analyses were performed with
the assumed leachate table, as shown in Fig. 5.

0 10 20m

(b)

Figure 5. Finite element mesh (PLAXIS 8.6) of the critical
failure surface with (a) soil stratigraphy and (b) critical fail-
ure surface for the estimated leachate table.

For these conditions, the factor of safety based on finite ele-
ment analyses is calculated equal to 0.87, indicative of un-
stable conditions.

Analyses using the limit equilibrium method (Geo-Slope 2007
— SLOPE/W) resulted in similar critical failure surfaces for dry
conditions and for the assumed leachate table (shown in Fig.
6). The factor of safety is equal to 1.60 for dry conditions and
0.96 for the assumed water table.

The results of the above and additional analyses indicate that
the reduction in the factor of safety due to the presence of
leachate is significant and much greater than the impact of
other uncertainties, such as the unit weight of waste mate-
rial.




Figure 6. Limit equilibrium model (GeoStudio 2007 -
SLOPE/W) with critical failure surface for the estimated
leachate table.

8 CONCLUSIONS

The waste slide that occurred on December 29" 2010 has
height of 27 m and width of 30 m and involved a waste mass
of 12,000 m?. The waste slide engaged MSW material only.
On the basis of the reconnaissance studies, the field meas-
urements and the stability analyses, the waste failure is at-
tributed to poor landfill practices (absence of compaction and
daily soil cover), the steep inclination of the waste mass and
the increased percolation of rainfall water in the waste mass
(and associated gas pressure generation) due to the absence
of daily soil cover and surface water management system.
The analyses also indicated that failure would not be incipient
under dry conditions.
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ABSTRACT: A new approach for simulating the excavation
and construction of subsequent panels is proposed to in-
vestigate the effects from the installation of diaphragm walls
on the surrounding soil and adjacent buildings. The method
has been combined with a 3-D nonlinear analysis and a con-
stitutive law providing bulk and shear modulus variation,
depending on the stress path (loading, unloading, reloading).
The effects on an adjacent building have been investigated
by applying a full soil-structure interaction analysis including
the whole building. Contrary to lateral movements, which
mostly take place at the panel under construction, it was
found that the effect of settlements covers a larger area
leading to a progressive settlement increase. The effect
highly depends on the distance from the panel under con-
struction. Settlement profiles and settlements at specific
points as increasing with subsequent panels installation are
given providing the ability of specific monitoring guidelines
for the upcoming construction of the diaphragm wall in front
of the building.

RESUME : Une nouvelle approche pour simuler I'excavation et
la construction des panneaux subséquents est proposé pour
étudier les effets par l'installation de parois moulées aux bati-
ments adjacents et au sol autours. La méthode a été associée
a une analyse 3-D non linéaire et une loi de comportement
qui permet la variation des modules de déformations en fonc-
tion des chemins des contraintes. Les effets sur un batiment
adjacent ont été étudiés en appliquant une analyse d'inter-
action sol-structures pleine, qui inclut I'ensemble du batiment
voisin. Contrairement aux mouvements latéraux, qui princi-
palement prennent lieu a partir du panneau en cours de con-
struction, il a été constaté que I'effet aux tassements couvre
une plus grande région, conduisant a une augmentation pro-
gressive de tassements. Les effets dépendent fortement a la
distance a partir du panneau en cours de construction. Les
profils des tassements et tassements aux points spécifiques
progressi-vement augmentant avec l'installation des pan-
neaux sont donnés en face de I'immeuble ou la paroi moulée
est en train de construction.

KEYWORDS: diaphragm walls, soil-structure
multi-stage analysis, buildings settlements.

interaction,

INTRODUCTION.

It is widely accepted that the process of installing diaphragm
walls can result in potentially significant soil displacements
and cause substantial reductions in horizontal stress. De-
pending on the soil profile, the diaphragm wall configuration
(length and construction sequence) and the close existence of
adjacent buildings with poor foundations may render the ef-
fects of diaphragm wall installation considerable. Field moni-
toring confirms that ground movements resulting from dia-
phragm wall installation could be a significant component of
the overall displacement (Burland and Hancock 1977, Tedd et
al. 1984, Symons and Carder 1993), while centrifuge tests
verified the development of the effect as well (Powrie and
Kantartzi 1996). Recent field evidences recorded during the
on going construction of subway stations in Thessaloniki
demonstrated that the component of ground movements re-
sulting from the diaphragm wall installation may be higher
than 50% of the overall displacements. It is therefore evident
that the simplistic assumption of a ‘wished-in-place’ wall (in-
stallation without any change in stress and cinematic field)
commonly applied for design purposes is rather questionable.

The aim of the present paper is to investigate the effect of a
diaphragm wall installation to adjacent buildings with rela-
tively poor foundations. The sequential installation of each
individual diaphragm wall panel installation was simulated by
a substitution of the parameters of excavated elements with
those corresponding to the bentonite slurry and later on by
the concrete tremied into the panel. Valuable qualitative and
quantitative conclusions regarding the variation of the effects
to the adjacent building have been drawn.

2 INSTALLATION PROCEDURE MODELLING

With the aim of minimising disturbance and increase stability
during the excavation process, rotary drilling machines for
slot excavation have been used in Thessaloniki’s underground
stations with poor soil conditions. Figure 1, on the left side,
shows a rotary drilling machine equipped with cutting wheels
and a reverse circulation system. On the right side of Figure 1
the numerical simulation of the excavation process is illus-
trated. The soil from the surface level down to the upper limit
of the rotary wheels (line A), is replaced by a material simu-
lating the bentonite slurry. Appropriate, very small values are
attributed to the bulk and the shear modulus of the material.
Within that zone the stresses are initialised to the values hy-
drostatically defined from the weight of bentonite slurry. This
simulation process ensures that stresses within this zone re-
main always equal to the hydrostatic conditions no matter the
deformation level. However, in the area occupied by the ro-
tary cutters (area between line A and line B) the development
of static hydrostatic pressure is not evident. For this reason,
in that zone the stresses are not initialised hydrostatically and
only internal gravitational stresses are considered. Within this
zone the material (cuttings with bentonite slurry) has higher
unit weight and is stiffer than bentonite slurry. The zone un-
dertakes the pressure from the surrounding elements de-
pending on the internal gravitational stresses, the stiffness
and the shear resistance of the surrounding soil elements,
and the arching developed around the trench. This compli-
cated mechanism provokes a redistribution of stresses and
the surrounding soil elements undergo some deformation. As
a result horizontal displacements at the wall/soil interface are
governed by the ability of the soil to move in response to the
reduction in lateral stresses during the wall installation. The
above mechanism leads to a temporary reduction of the hori-
zontal stresses in the surrounding excavation faces, which
however increase to the hydrostatic bentonite slurry pressure
in the next stage of excavation. When the excavation of a
panel is accomplished concrete is cast in place using tremie
pipes. The same numerical process is applied to simulate the
panel completion, i.e. appropriate values are attributed to the
bulk and the shear modulus of the material simulating wet
concrete, while, stresses are initialised to the values hydro-
statically defined from the weight of wet concrete. When
equilibrium is attained, regular concrete values are attributed
to bulk and the shear modulus to the panel. The above simu-
lation process is repeated over the entire depth of the panel.

The aforementioned simulation process reflects the construc-
tion of a single panel and is applied to all panels in a dia-
phragm wall. However, the response of each particular panel
is greatly influenced by the construction sequence. Obviously
when constructing a subsequent panel, with already com-
pleted adjacent panels, the effect of arching is strengthened
due the high resistance of these elements. As a result a
stress increase is observed not only at the adjacent soil, but
also on neighbouring panels that have already been casted.
Thus over the period of wall construction there will be a pro-
gressive transferring of load back and forth laterally, either
from a primary panel to the adjacent soil or, as the wall pro-
gresses, from new panels to panels previously casted. It can
be realised that when accurate prediction of displacements
and stresses redistribution are demanded, a profound 3-D
nonlinear multi-stage numerical analysis is required.
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Figure 1. Schematic illustration of the proposed approach for
simulating a single panel excavation

3 NUMERICAL SIMULATION
3.1 Project description

The station of Analipsis, 210 m long and 16.4 m wide, is con-
sidered as one of the most critical of the underground of
Thessaloniki. With the exception of the surficial layer the soil
conditions are relatively good. However, the fact that the
diaphragm wall is located very close to adjacent buildings
with poor foundations, in many cases, renders the construc-
tion of the diaphragm wall extremely demanding. According
to the guidelines of the German code DIN 4126, the critical
zone around the trench excavation extents up to a distance of
70% of the pile length. For this reason a relatively small typi-
cal panel length L = 2.8 m was applied and a rotary cutting
machine was selected to perform the ongoing excavation of
the panels. The thickness of the panels is t = 1.20 m, its
depth is H = 44.0 m and the basement of the station is 28.0
m below the ground surface.

3.2 Soil model and material properties

The ground conditions at the site together with the soil prop-
erties of each soil layer, derived from the carried out geo-
technical investigation and the evaluation of in-situ and labo-
ratory tests are presented in Table 1. The groundwater level
was encountered at 5.0 m below the ground level. Pressure-
meter tests were carried out at the area to assess the in situ
horizontal stresses and, according to the evaluation of the
results, a constant value of K, = 0.54 has been adopted.

Bearing in mind the crucial effect and the necessity for set-
tlements predictions to the adjacent buildings, a constitutive
law with double yielding (FLAC 3D) has been applied in the
present study. The model includes a volumetric yield cap sur-
face in addition to Mohr-Coulomb shear and tensile failure
envelopes. The cap surface is independent of the shear
strength and it consists of a vertical line on a plot of shear
stress vs mean stress with a trace on the mean stress axis
defined as cap pressure p.. Any violation of the cap surface
produces volumetric plastic strain following a piecewise-linear
law prescribed in a user-supplied table. The tangential bulk
and shear moduli evolve as plastic volumetric strain takes
place according to a special law de-fined in terms of a con-
stant factor, R, which is the ratio of elastic bulk modulus, K,
to plastic bulk modulus, K;. The relevant values adopted are
given in Table 1.

The concrete diaphragm wall behaviour was considered as an
isotropic linear elastic. Linear elastic behaviour was attributed
to the bentonite slurry with infinitesimal deformation values.
The shear strength of bentonite slurry with unit weight of 11
kN/m?3 is of the order 50 Pa (DIN4126). A reasonable value
for the slurry shear modulus is three hundred times the shear
strength, Gy = 15 kPa, while the Poisson’s ratio was taken

equal to 0.49. The application of these values to the analysis
produced stresses within the bentonite computational domain
equal to hydrostatic gravitational state, ensuring that appro-
priate hydrostatic pressures were developed at the trench
faces. A higher value of unit weight (12.5 kN/m?) has been
attributed to cutting products mixed with bentonite slurry and
similarly the shear modulus has been taken equal to 25 kPa.
Taking into account that the construction schedule, the time
period between adjacent panels installation, particularly the
primary panels, is quite enough for any excess pore dissipa-
tion an effective stress analysis was applied.

Table 1. Geotechnical properties of soil layers.

Layer Fill Ala Alb Alc B
Depth (m) 0-3 3-1010-3535-4040-60
Effective cohesion,

¢’ (kPa) 3 3 5 40 50

Effective angle of
friction, ¢’ (deg)
Poisson’s ration, v 0.3 0.3 0.3 0.3 0.3

Plastic bulk
modulus, K: (kPa)
Ratio of elastic to

plastic bulk 5 6.5 10.5 12 12
modulus, R

30 25 25 25 25

4,000 5,000 8,500 10,000 10,000

Cap pressure, pc
(kPa)

Remark: NC means that cap pressure is equal to the in-situ mean stress

100 100 NC* NC* NC*

3.3 Simulation procedure

The effective numerical simulation of typical construction pro-
cedure for a cast in situ diaphragm wall must reflect the
stages and the mechanisms developed during the excavation
and throughout the completion of the wall. The first step was
to establish the in-situ state of stresses. The construction of a
single panel was simulated in 22 stages during which the
excavation was advanced in 2.0 m. Within each stage the soil
in the excavation zone was replaced by cutting-bentonite,
while the area above the zone being excavated was replaced
by bentonite. The end of the excavation was followed by wet
concrete placing and the value of E,. = 1,000 MPa was at-
tributed to Young’s modulus and v, = 0.49 to Poisson’s ratio.
The last stage of analysis corresponded to concrete harden-
ing. The same process was applied to all panels under con-
sideration.

The most critical location in the area of the station corre-
sponds to poor building foundation conditions very close to
the diaphragm wall. The analysis is therefore focused on that.
Prior to the currently presented full soil-structure interaction
analysis including a 6-storey building, numerical analyses of a
single panel construction and of a wall and an adjacent foun-
dation verified the proposed simulation process as well as the
constitutive law and the values for the parameters. Figure 2
shows the foundation plan of the adjacent building together
with the location of the diaphragm wall and a curtain of mi-
cropiles used to minimize the effect of panels’ installation.
Further to the bay number of each panel the figure shows the
panel type (primary, P, or secondary, S) and the order of
installation in the circles on the right side of each panel. The
foundation consists of individual footings connected with 0.20
m x 0.50 m reinforced concrete beams. The foundation level
is at 3.0 m from the ground surface. The F.D. mesh included
89,000 3-D elements, 4,272 shell elements and 225 beam
elements. The dead weight of the building has been explicitly
introduced by the gravity of each element while a uniform
load of 5 kPa has been applied to each slab to simulate all
other permanent and variable loads. After the establishment
of the initial stresses, the installation of the micropiles was
introduced followed by the installation of the 9 panels ac-
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cording to the previously described approach. The sequence
of installation is presented in Figure 3.

_ point N

1 — point M
, |
\
20.5 1
N
B,
C
|
| 14.95
point | | | L point k
/ \ / \

Figure 2. Individual footings of a 6-story building together
with the diaphragm wall and the micropiles

Installation of micropiles Primary Panel 2 in bay 9 Panel 3 in bay 4

Panel 4 in bay 6

Panel & in bay 7

Panel 5 in bay 2 Panel 7in bay 5

Remark: Micropiles are installed in the first stage
and are present up to the end of calculations, They
are not shown after the first figure for transparency
reasons,

Panel 8 in bay 3 Panel 9 in bay 1

Figure 3. Sequence of panel installation
4  NUMERICAL RESULTS

The contour values for soil settlements, the building floors’
settlements and the axial forces of the building columns de-
veloped after the completion of the first element (element no
8) are illustrated in Figure 4. For visibility reasons the figure
is given in a section at the building face and a cross section
at the middle of the building. It can be seen that the maxi-
mum soil settlement is located around the excavated panel
and is of the order of 2.4 mm. The maximum settlement of
the building is located at its corner nearby the excavated
panel and the contours show a uniform reduction with dis-
tance from that point.

The sequential construction of the next panels provokes the
maximum effect in front of each panel, as it has been ex-
pected, but at the same time contributes to a progressive
increase of settlements in a widespread zone. When the pri-

mary panels are installed, an increase of settlements to the
value of 4.2 mm is occurred. The soil settlements progres-
sively decrease with the distance form the diaphragm wall
and are almost zero at the backside of the building. The com-
pletion of the wall with the rest 4 secondary panels does not
encounter significant increase to the maximum value of the
soil settlements. The final value of maximum settlement is
5.3 mm and the same value is developed at the external side
of the building close to the diaphragm wall. From the com-
parison of the axial forces variation throughout the construc-
tion of the panel arises that the panels’ installation does not
practically affect them.

Contour Of Z-Displacement == §
-2.385TE-03 3
-2 2500E-03
-2.0000E-03

-1.7500E-03 y
-1.5000E-03
-1.2500E-03

1.5000E-03

1.5581E-03
Beam Axial Force

-1.1091E+03

-4 6226E+01
Shell Z-Displacement
-1 6177E-03

-1 6000E-03

Figure 4. Soil and building settlement contours together with
column axial forces after the completion of the first panel
(bay no 8)

Figure 5a illustrates the variation of the horizontal displace-
ments with depth below the external boundary of a footing at
the front side of the building (cross section ‘C-C’). The values
are not exceeding the order of 1.0 mm and this is mainly due
to the existence of the micropiles. The construction of the
panels with bay no 8 and 9 (first and second in construction
sequence) are relatively too far from that point and they do
not provoke any horizontal displacement at the point under
consideration. The panel with bay no 5 is just in front of the
point and this explains the important movement of the dies-
placement field during the construction of this panel. Similar
are the results in the case of the point below the footing at
the edge of the external footing at section ‘D-D’, Figure 5b.

The most important effect to the adjacent building is the an-
tic pated settlements, the angular distortion that will develop
to the foundation and if that last could be capable of provok-
ing any notable bending moment to the foundation elements.
Figure 6 illustrates the progressive increase of the settle-
ments across the section ‘C-C’. On the same figure the loca-
tion of the diaphragm wall and the foundation of the building
are shown. The construction of every panel contributes to a
progressive increase of settlements, with the maximum influ-
ence experienced when the primary panel close to the cross
section is installed. This explains the maximum difference
observed when panel no 4 is in-stalled. The maximum set-
tlement is developed at the end of the construction of all
panels, its value is of the order of 5.5 mm and occurs at the
front side of the building.
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Figure 5. Profile of horizontal displacements below the ex-
ternal footing at (a) the mid-face, point j, and (b) the end-
face of the building, point k

Distance from diaphragm wall (m)

Settelement (mm)

—6 2 x

5 3
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Figure 6. Development of settlement profile with panel se-
quence construction at cross section ‘C-C’

It is worth noticing that the settlement values estimated from
the 3-D analysis are leading to an angular distortion of
1:5,000. This value is considerably lower than the limits pro-
vided by CIRIA and the CFEM.

An effective design of complex retaining structures, with
closely adjacent buildings, includes instrumentation and
monitoring to ensure the safety of the construction and con-
trol the effect on the adjacent buildings. These data will be
available when the diaphragm wall at this area will commence
and histograms giving the contribution to cumulative settle-
ments of each particular panel can be drawn. It is therefore
extremely helpful to give these histograms resulting from the
3-D analysis and follow up the values as the wall is con-
structed. Figure 7 illustrates the numerically established cu-
mulative settlements after the completion of each panel, at
the characteristic points, i, j, k, m and n. The location of each
panel corresponds to relative position from left to right, while
the installation sequence is given on the top of the histo-
grams.

It can be seen that the final settlements at the front face of
the building (points i, j and k) are of the same magnitude and
that the values provided for the points far from the dia-
phragm wall (points m and n) are drastically lower and with
no practical effect on the building. It is clearly evident that
Figure 7 can be efficiently used to compare settlements dur-
ing the up coming construction and provide alarm signal in
case of significantly higher settlements values.

Prediction from 3-D Analysis.

Saiternent (mm)

Figure 7. Predicted development of cumulative settlements at
points i, j, k, m and n at the end of each panel construction

5 CONCLUSION

In this paper the effects from the installation of diaphragm
walls have been investigated using a new approach for simu-
lating the excavation and construction of subsequent panels.
The method has been combined with a 3-D nonlinear analysis
and a constitutive law providing bulk and shear modulus
variation, depending on the stress path (loading, unloading,
reloading). It has been observed that the most significant
effect in front of a given panel occurs during the installation
of that panel and that the effect on stress reduction and lat-
eral movements in front of the subsequent panels is rather
limited. The method has been used to estimate the effects on
an adjacent 6-storey building by applying a full soil-structure
interaction including the whole building. Progressively in-
creased with subsequent panels installation settlement pro-
files are given along the building foundation. Moreover, set-
tlements at specific points where leveling captures have been
installed are given in cumulative form. The predictions indi-
cate that the angular distortion of the building remains under
the required limits of serviceability and at the same time pro-
vide the guidelines for the monitoring of the upcoming con-
struction of the diaphragm wall in front of the building.
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ABSTRACT: The goal of this study is twofold: (i) to identify
the influence of the earthquake characteristics on the magni-
tude of the residual co-seismic slope displacements of a typi-
cal slope using different predictive analytical models and (ii)
to compare the results of the analytical models with an exact
fully dynamic non-linear analysis. In particular, three ana-
lytical models were used to predict the permanent slope dis-
placements: the classical Newmark rigid block model (New-
mark 1965), the decoupled Rathje and Antonakos (2011)
model and the coupled Bray and Travasarou (2007) sliding
block model. In addition, 2 dimensional fully non-linear nu-
merical analyses were performed using the code FLAC
(Itasca 2008) for idealized sand and clayey step-like slopes
considering different real acceleration time histories as input
motion. All three models predict displacements that are gen-
erally in good agreement with the numerical results for the
sand slope case. On the contrary, for the clay more flexible
slope the correlation is not so good. However it is shown that
the some crucial parameters, like the frequency content of
the input motion, are not always appropriately captured in all
analytical models.

RESUME : L'objectif de cette étude est (i) d'identifier I'influ-
ence des caractéristiques du tremblement de terre sur I'am-
pleur des déplacements co sismiques résiduels d’une pente,
en utilisant différents modeles analytiques et (ii) de comparer
the deplacments analytiques avec une analyse numérique
plus élaborée. En particulier, trois modeles différents étaient
utilisées pour estimer les déplacements permanentes :, le
model de base de bloc rigide de Newmark (Newmark 1965),
le modéle découplé de Rathje et Antonakos (2011) et le
modele couplé de Bray et Travasarou (2007). L'analyse nu-
mérique a été effectuée sur la méme pente avec le code
FLAC (Itasca 2008) et pour les mémes matériaux de sol
(sable et argile). Dans le cas de pente sableuse les déplace-
ments calcules par les trois modéles analytiques sont géné-
ralement en relativement bon accord avec les résultats nu-
meriques. La comparaison est moins bonne pour la pente ar-
gileuse. Néanmoins il a été démontré que tous les modéles a-
nalytiques ne tient pas en compte proprement quelques pa-
rameétres importants come la fréquence du mouvement fort
des sol.

KEYWORDS: co-seismic slope displacements, Newmark-type
displacement models, non-linear dynamic numerical analysis.

1 INTRODUCTION

It is common practice in geotechnical earthquake engineering
to assess the expected seismic performance of slopes and
earth structures by estimating the potential for seismically
induced permanent displacements using one of the available
displacement-based analytical procedures. Considering that
(total and/or differential) displacements ultimately govern the
serviceability level of a slope after an earthquake, the use of
such approaches is strongly recommended. Typically, two
different approaches of increased complexity are proposed to
assess permanent ground displacements in case of seismi-
cally triggered slides: Newmark-type displacement methods
and advanced stress- strain dynamic methods.

The sliding-block analog proposed by Newmark (1965) still
provides the conceptual basis on which all other displace-
ment-based methods have been developed aiming to vyield
more accurate estimates of slope displacement. This has

been accomplished by proposing more efficient ground mo-
tion intensity measures (e.g. Saygili and Rathje, 2008), im-
proving the modeling of dynamic resistance of the slope
characterized by its yield coefficient (e.g. Bray, 2007) and by
analyzing the dynamic slope response more rigorously (e.g.
Bray and Travasarou, 2007; Rathje and Antonakos, 2011). In
terms of their assumptions to analyze the dynamic slope re-
sponse, displacement based methods can be classified into
three main types: rigid block, decoupled and coupled. A short
description of the different types of Newmark-type displace-
ment methods as well as recommendations for the selection
of the most appropriate ones is given in Jibson (2011).

Advanced stress-deformation analyses based on continuum
(finite element, FE, finite difference, FDM) or discontinuum
formulations usually incorporating complicated constitutive
models, are becoming recently more and more attractive, as
they can provide approximate solutions to problems which
otherwise cannot be solved by conventional methods e.g. the
complex geometry including topographic and basin effects,
material anisotropy and non-linear behavior under seismic
loading, in situ stresses, pore water pressure built-up, pro-
gressive failure of slopes due to strain localization. Several
investigators have implemented continuum FE or FD codes to
evaluate the residual ground displacements of slopes using
elastoplastic constitutive models (e.g. Chugh and Stark,
2006; Lenti and Martino, 2012 etc.).

In this paper we study the accuracy of three different New-
mark-type based models i.e. the conventional analytical New-
mark (1965) rigid block approach, the Rathje and Antonakos
(2011) decoupled model and Bray and Travasarou (2007)
coupled model, classically used to estimate the expected co-
seismic slope displacements, with a more refined numerical
approach, considering different earthquake input motions
scaled to different PGA values and compliance of the sliding
surface. For the purpose of this comparative study we
selected a typical configuration of a 30° inclined sand and
clayey slope.

2 IMPLEMENTATION OF NEWMARK-TYPE PREDICTIVE
MODELS

The Newmark conventional analytical rigid block method is
used to predict cumulative slope displacements obtained by
integrating twice with respect to time the parts of an earth-
quake acceleration-time history that exceed the critical or
yield acceleration, a. (k,-g) (e.g. threshold acceleration re-
quired to overcome shear soil resistance and initiate sliding).
The second approach is a two-parameter vector (PGA, PGV)
model proposed by Rathje and Antonakos (2011) applied
herein to evaluate co-seismic slope displacements. This
model is recommended for use in practice due to its ability to
significantly reduce the variability in the displacement predic-
tion. For flexible sliding, kmax (€.9. peak value of the average
acceleration time history within the sliding mass) is used in
lieu of PGA and k-velqh.x (e.g. peak value of the k-vel time
history provided by numerical integration of the k-time his-
tory) is used to replace PGV. The third one is the Bray and
Travasarou (2007) model. In this model cumulative dis-
placements are calculated using the nonlinear fully coupled
stick-slip deformable sliding block model proposed by Rathje
and Bray (2000) to capture the dynamic response of the slid-
ing mass. They use a single intensity parameter to character-
ize the equivalent seismic loading on the sliding mass, i.e. the
ground motion’s spectral acceleration S, at a degraded period
equal to 1.5T;, which was found to be the optimal one in
terms of efficiency and sufficiency (Bray 2007).

The first goal is to study the influence of the earthquake
characteristics and the dynamic response of the slope on the
magnitude of the residual slope displacements using the
aforementioned three predictive models. In this respect,
permanent displacements as a function of the critical accel-
eration ratio (e.g. ky/kmax Or k,/PGA) are computed using the
three approaches considering different earthquake input mo-
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tions and compliance of the sliding surface. Comparisons be-
tween the models allowed evaluating their reliability. Mean
displacements were calculated using the Newmark rigid block
model, as reference, whereas median values *1 standard
deviation and median and 16" - 84™ percentiles were de-
rived for the decoupled and coupled approximations respec-
tively.

The seismic input consists of two real acceleration time histo-
ries recorded at rock outcropping conditions and scaled at
two levels of PGA, i.e. 0.3 and 0.7g. Table 1 presents the
parameters describing some basic characteristics of the
ground motions and the flexibility of the potential sliding sur-
face. The displacements were computed for nearly rigid
(Ts=0.032sec) and relatively flexible (Ts=0.16 sec) sliding
masses. The derived (mean or median) permanent displace-
ments for the three different predictive models and for the
different considered earthquake scenarios plotted as a func-
tion of the critical acceleration ratio, ky/kmax or k,/PGA, are
illustrated in Figures 1a, 1b and 1c when considering the
nearly rigid sliding surface. Moreover in Figures 3a and 3b we
compared between them the three analytical models for the
Pacoima 0.7g input motion for the nearly rigid and the rela-
tively flexible sliding mass respectively.

Table 1. Parameters describing the characteristics of the
ground motions and the dynamic response of the sliding mass

Valnerina Northridge
ﬁ:;ﬁzq”ake record 1979- 1994~ Pacoima

Cascia_L Dam_L
Earthquake code Cascia Pacoima
Moment magnitude

. 7

(M.) > °
PGA (g) 0.15 0.41
Fundamental period 0.23 0.48
Tp (sec)
Mean Period Trm 0.295 0.507
(sec)
Scaled PGA (g) 0.3 0.7 0.3 0.7
PGV (cm/sec) 10.3 30.9 14.6 43.9
Natural period of
the sliding mass Ts 0.16 0.032 0.16 0.032
(sec)
Sa(1.5Ts)/PGAscated 2.93 1.07 2.26 1.03
Te/Tm 0.54 0.11 0.32 0.06

The results prove the important role of the amplitude and
frequency content of the earthquake as well as the compli-
ance of the sliding surface on the magnitude of the computed
displacements. As it should be expected, time histories scaled
at 0.7g produce larger displacements compared to those
scaled at 0.3g for the same critical acceleration ratios. For the
Newmark and Rathje and Antonakos models the lower fre-
quency input motion (Pacoima- f,=2.1Hz) generally yields
larger displacements in relation to the higher frequency input
motion (Cascia- f,=4.4Hz). For the Newmark model (see Fig.
1a) this trend becomes more pronounced with the increase of
the critical acceleration ratio, whereas in Rathje and Antona-
kos (see Fig. 1b) this trend does not seem to be influenced
by the critical acceleration ratio. Contrary to the previous
models it seems that the importance of the frequency content
is not taken into account in the Bray and Travasarou coupled
model, which predicts slightly larger displacements for the
higher frequency input motion (see Fig. 1c). The latter model
generally predicts larger displacements compared to New-
mark rigid block and Rathje and Antonakos decoupled mod-
els. In particular, the difference in the displacement predic-

tion is by far more noticeable for the flexible (Fig. 2b) com-
pared to the nearly rigid (Fig. 2a) sliding mass. Displace-
ments computed using Rathje and Antonakos predictive
equations are closer to the Newmark rigid block model. The
comparison is even better for the higher frequency input mo-
tion and for the lower level of shaking.
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Figure 1. Newmark (a), Rathje and Antonakos (b) and Bray

and Travasarou (c) displacement versus k,/kmax considering a

nearly rigid sliding mass for different acceleration time histo-

ries (cascia, pacoima) scaled at different levels of PGA (0.3g,
0.79)

3 COMPARISON WITH THE DYNAMIC NUMERICAL
ANALYSIS

The second goal is to compare the Newmark-type analytical
models with an a-priori more accurate numerical model. For
this purpose a two- dimensional fully non-linear FLAC (Itasca,
2008) model has been used. The computed permanent hori-
zontal displacements within the sliding mass for the two ide-
alized step-like slopes, characterized by different flexibility of
the potential sliding surface, are compared with the three
Newmark-type models.
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Figure 2. Comparison of the different Newmark-type models

when considering a nearly rigid (a) and a relatively flexible

(b) sliding mass for a certain earthquake scenario (Pacoima
scaled at 0.79)

The geometry of the finite slope is shown in Figure 3. The
discretization allows for a maximum frequency of at least
10Hz to propagate through the grid without distortion. Free
field absorbing boundaries are applied along the lateral
boundaries whereas quiet boundaries are applied along the
bottom of the dynamic model to minimize the effect of artifi-
cially reflected waves. The soil materials are modeled using
an elastoplastic constitutive model with the Mohr-Coulomb
failure criterion, assuming a non-associated flow rule for
shear failure. Two different soil types are selected for the
surface deposits to represent relatively stiff frictional and
cohesive materials. The mechanical properties for the soil
materials and the elastic bedrock are presented in Table 2.

Section A

H-’lel m

5 —Relatively stiff soil -Vs=250m/sec
sand, clay

Elastic bedrock -Vs=850m/sec

300.0

Figure 3. Slope configuration used for the numerical modeling

The initial fundamental period of the sliding mass (Ts) is esti-
mated using the simplified expression: Ts = 4H/V, where H is
the depth and Vs is the shear wave velocity of the potential

sliding mass. The depth of the sliding surface is evaluated
equal to 2m for the sandy slope and 10m for the clayey one
by means of limit equilibrium pseudostatic analyses. The
horizontal yield coefficient, k,, is computed via pseudostatic
slope stability analysis equal to 0.16 and 0.15 for the 30°
inclined sand and clayey slopes respectively.

Table 2. Soil properties of the analyzed slopes

Relatively stiff

soil Stiff Elastic

Parameter soil bedrock

sand clay
Dry density

1800 1800 2000 2300
(kg/m?)
Poisson's ratio 0.3 0.3 0.3 0.3
Cohesion c (KPa) 0 10 50 -
Friction angle ¢ )
(degrees) 36 25.0 27
Shear wave Ve- 250 250 500 850

locity Vs (m/sec)

The seismic input applied along the base of the dynamic
model consists of a set of 7 real acceleration time histories
recorded on rock outcrop (see Table 3) and scaled at
PGA=0.7g. To derive the appropriate inputs for the Newmark-
type methods that include the effect of soil conditions, and to
allow a direct comparison with the numerical results, we
computed the time histories at the depth of the sliding sur-
faces through a 1D non-linear site response analysis consid-
ering the same soil properties as in the 2D dynamic analysis.
It is noticed that the 1D soil profile is located at the section
that approximately corresponds to the maximum slide mass
thickness of the slope (Section A in Figure 4). The bottom of
the sliding surface is taken be consistent to the estimated
fundamental period of the sliding mass (Ts) that is different
for the clay and sand slopes.

Table 3. Selected outcropping records used for the dynamic

analyses

Record
Earthquake station Mw  R(km) PGA(g)
Valnerina, Italy .
1979 Cascia 5.9 5.0 0.15
Parnitha, Athens .
1999 Kypseli 6.0 10.0 0.12
Montenegro Hercegnovi
1979 Novi 6.9 60.0 0.26
Northridge, ]
California 1994 Pacoima Dam 6.7 19.3 0.41
Campano
Lucano, Italy Sturno 7.2 32.0 0.32
1980
Duzce, Turkey
1999 Mudurno_000 7.2 33.8 0.12
Loma Prieta, Gilroy1 6.9 28.6  0.44

California 1989

Table 4 presents the computed numerical horizontal dis-
placements together with those calculated using the different
Newmark-type displacement methods. The average difference
(%) of the Newmark-type models in the median (or mean)
displacement estimation compared to the numerical dis-
placement is shown in Figure 4a for both sand and clay
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slopes. The dispersion of the corresponding differences is
presented in Figure 4b.

Table 4. Comparison between numerical, Newmark (1965),
Rathje and Antonakos (2011) and Bray and Travasarou
(2007) displacements for sand and clayey slope materials and
for outcropping accelerograms scaled at 0.7g

Com- A Rathje B
Slope puted avir and al;f]dy
P Earth- horizon- 9 Antona
soil - New- ki Trava-
quake tal dis- 0s
mate- mark Medi sarou
- code place- edian :
rial (m) Median
ment (m)
(m) (m)
cascia 0.6 0.64 0.40 0.60
kypseli 0.50 0.55 0.50 0.65
monte- 5495 070 0.37  0.42
negro
sand  ocoima 070 053 049  0.57
sturno 1.70 1.38 0.83 0.81
duzce 1.10 0.94 0.36 0.57
gilroy 0.20 0.23 0.28 0.57
cascia 0.50 0.36 0.16 0.57
kypseli 0.45 0.28 0.14 0.53
monte- 85 047 0.16  0.72
negro
clayey

pacoima 0.62 0.35 0.19 0.79

sturno 1.40 0.90 0.25 0.71
duzce 0.85 0.48 0.16 1.16
gilroy 0.20 0.09 0.09 0.55

4  DISCUSSION- CONCLUSIONS

In general the Newmark-type analytical models predict com-
parable displacements, at least in the order of magnitude,
with the exact numerical analysis. The comparison is gener-
ally better for the sand slope case, while for the clayey more
flexible slope the divergences are amplified. In particular Bray
and Travasarou model tend to predict generally larger dis-
placements with respect to the numerical analysis, whereas
Newmark and Rathje and Antonakos models underpredict the
corresponding displacements.

Among the three methods, Bray and Travasarou model was
found to present the minimum average predictive error (%)
in relation to the numerical analysis for both sand and clay
slope cases. This is in line with the inherent coupled stick-slip
assumption adopted in the method that offers a conceptual
improvement over the rigid block and decoupled approaches
for modeling the physical mechanism of earthquake-induced
landslide deformation. However, Bray and Travasarou model
presents a very large dispersion in the median displacement
estimation (up to 70% for both sandy and clayey slopes).
Thus, the use of S,(1.5 Ts) seems rather insufficient to fully
describe the characteristics of the seismic loading (i.e. ampli-
tude, frequency content and duration) for site-specific appli-
cations.

Newmark analytical approach shows the minimum dispersion
in the displacement prediction (less than 10-20%) with re-
spect the numerical analysis results compared to the Bray
and Travasarou and Rathje and Antonakos models. This may
be justified by the fact that Newmark analytical method uses
the entire time history to characterize the seismic loading as

opposed to the Bray and Travasarou and Rathje and Antona-
kos models that use one [S,(1.5 Ts)] and two (PGA, PGV)
intensity parameters respectively. As such, uncertainties as-
sociated to the selection of the ground motion intensity pa-
rameters are lower in the Newmark analytical approach.

Overall, the differences in the displacement prediction be-
tween the three models are larger for the clayey slope. Thus,
the compliance of the sliding surface in relation with the way
that the frequency content of the input motion is taken or not
into account may produce some important errors to the esti-
mated earthquake-induced sliding displacements of slopes. It
is suggested that a better framework is deemed necessary to
account for the various uncertainties in the seismic displace-
ments prediction.
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Figure 4. (@) Average difference (%) and (b) dispersion of the
predictive models in the median displacement estimation
compared to the corresponding numerical displacement con-
sidering nearly rigid (sand slope) and flexible (clayey slope)
sliding masses
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ABSTRACT: This paper presents a case of a lignite mine in
Northern Greece with excavated slopes exceeding 100-120
m in depth in which substantial movement is occurring, with
an average rate 10-20mm/day. The Mavropigi mine is very
important for the power supply of Greece and uninterrupted
operation is often critical, meaning that excavation is taking
place on moving soil masses. The stability of the moving
southeast slope is investigated and the information devel-
oped from an extensive monitoring campaign, with survey
prisms, inclinometers and piezometers is presented. The use
of the investigation data to evaluate the type of movement,
the geometry of sliding surface and the effectiveness of
remediation measures are analyzed in detail. The procedure
of assessing the stability and safe slope operation during
production, even with high rates of movement and the effect
of precipitation are presented. It is shown that there are
situations that mine slopes can move several meters laterally
and still be operational without catastrophic failures.

RESUME : Cet article présente le cas d'une mine de lignite en
Gréce du Nord avec des pentes excavées dépassant 100-
120m dans lequel un mouvement important se produit, avec
un taux moyen 10-20mm/day. La mine Mavropigi est tres
importante pour l'alimentation de fonctionnement ininter-
rompu Gréce et est souvent critique, ce qui signifie que les
fouilles se déroule sur les masses en mouvement du sol. La
stabilité de la pente sud-mobile est une enquéte et l'infor-
mation produite a partir d'une campagne de surveillance
intensive, avec des prismes de I'enquéte, inclinométres et des
piézometres est présent. L'utilisation des données d'enquéte
pour évaluer le type de mouvement, la géométrie de la sur-
face de glissement et I'efficacité des mesures d'assainisse-
ment sont analysés en détail. La procédure d'évaluation de la
stabilité et le fonctionnement pen-te en toute sécurité pen-
dant la production, méme avec des taux élevés de mouve-
ment et l'effet des précipitations sont présentés. On montre
qu'il ya des situations que les pentes de mines peuvent se
déplacer de plusieurs métres latéra-lement et étre toujours
opérationnelles sans défaillances catastrophiques.

KEYWORDS: Slope movement, Coal open pit, Slope monitor-
ing, Slope stability, Landslide.

INTRODUCTION

The Public Power Cooperation (PPC) operates a number of
large open pit lignite mines in Northern Greece (Amyntaio-
Ptolemais Basin). The Mavropigi mine has been mined since
2003 and at present the excavated slopes have reached
depths exceeding 100-120m. Since 2011, the southeast
slopes have shown persistent large horizontal movements at
an average rate of 10-20mm/day, at times reaching more
than 40-50mm/day affected by increased precipitation. The
moving mass was estimated around 6Mm?. This paper pre-
sents a case of significant movements that occurred at the
southeast slope (Fig. 1), and details the monitoring, evalua-
tion and mitigation measures taken to safeguard mining op-
erations which had to be uninterrupted for production man-
agement purposes.

Figure 1. Southeast slopes of Mavropigi lignite mine.

2  GEOLOGICAL AND GEOTECHNICAL CONDITIONS

The Mavropigi mine is in the sedimentary fill of the Ptolemais
basin which includes terrestrial and lacustrine deposits of
Miocene up to Pleistocene age, with abundant lignite horizons
(Diamantopoulos, 2006). Near horizontal intercalations of
Marls, Lignites, Stiff Clays and Sands are the predominant
materials; from a geotechnical point of view they can be de-
scribed as “Hard Soils - Soft Rocks”. The main intercalations
are Marl and Lignite. The Marl material is mostly classified as
Elastic SILT or Organic SILT (MH-OH) per USCS (ASTM
D2487). Locally in the Marl - Lignite intercalations, thin (few
centimeters thick) beds of High Plasticity CLAY (CH) are
found. These almost horizontal thin beds have very low re-
sidual shear strength and often act as slip surfaces. The me-
chanical properties of the different materials encountered in
the area of Mavropigi are presented in Table 1. These pa-
rameters are assessed from triaxial, direct shear and ring
shear tests performed on selected core samples and are used
for the slope stability calculations of the Mine.

Table 1. Range of Geotechnical Properties of Mavropigi Mine

Materials.

Parameters / Materials Marl Lignite Clay (CH)
Unit weight y (KN/m?3) 16-18 11-13 16-18
Effective Cohesion ¢’ (kPa) 50-150 150-200 5-50
Effective friction ¢’ (deg) 28-35 34-36 26-30
Residual Friction @." (deg) - - 5-10

3  MONITORING OF SLOPE MOVEMENTS

At the end of 2010, tension cracks were observed at the crest
of the Southeast mine slopes and visually observed horizontal
transverse movements at the toe under prisms 5A3 and 6A4.
Although this is usual in large and deep open pit mines, nev-
ertheless, 20 prism monitoring stations, two inclinometers
(KL-10, 11) and two piezometers (PM-10, 11) were installed
on the slopes. The locations of the instruments are shown in
Figure 2 together with the limits of the moving mass.

Prism measurement records were made available between
January 2012 and up to the writing of this paper (Sept.
2012).

Initially the measurements were executed with a lower ac-
curacy total station and only the “sloping distance” between
the prism and the measurement base was evaluated. Due to
the complexity and criticality of the situation, a new robotic
total station of high accuracy (0.5cc) replaced the old one.
With the new total station the movement vectors could easily
be measured and evaluated. The use of the robotic total sta-
tion eliminated the surveyor operation error and the high
accuracy significantly reduced the horizontal and vertical an-
gular measurement error.
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Figure 2. Monitoring equipment and trends on Southeast
slopes

Due to the high rate of movement, few measurements were
taken from the inclinometers before they were sheared off.
From inclinometer KL-10, six measurements were obtained in
a period of one month which recorded a total displacement
100mm at 27m depth from ground surface. Inclinometer KL-
11 recorded only three measurements in a period of 11 days,
with maximum displacement 150mm at 9m depth. The two
piezometers could only be measured twice due to operational
reasons and recorded water table elevation at 18.4m in PM-
10 and 9.9m in PM-11. A precise water table could not be
estimated based on the piezometer measurements because
of the number of measurements and since the faces of the
slopes were found dry. Piezometric conditions and water
pressures are very difficult to model with a high degree of
accuracy in mines (Sullivan, 2007) mainly due to the pres-
ence of multiple perched aquifers. Figure 3 shows a geologi-
cal cross section with the monitoring equipment and the fail-
ure surface location (white line). Dark zones indicate the
lignite beds.

Figure 3. A-A’ cross section with monitoring locations

4  EVALUATION OF SLOPE MOVEMENTS

The operation of Mavropigi mine is very important for the
power supply of Greece and uninterrupted operation is often
critical. Mining operations may take place even in moving
slopes, as long as safety of personnel and equipment is satis-
fied. Zavodni (2000) states that “mining operations can pro-
ceed safely with minimum interruption if failure mechanisms
are understood and slopes are properly monitored” even in
moving slopes. The way to assess if a “moving slope” can be
mined safely is to determine if the slope movement is regres-
sive or progressive. A regressive movement is cyclic deceler-
ated while a progressive movement exhibits overall accelera-
tion without appreciable deceleration intervals (Zavondi,
2000). In regressive movements, mining operation can con-
tinue after incorporating a monitoring system. If monitoring
data indicate a progressive type of movement the operations
are in danger of imminent collapse. The question posed to the
Geotechnical Engineer is to determine the type of movement
that characterizes each particular slope. The failure mecha-
nism needs to be understood and a sufficient quantity of
qualitative measurements is required. In the literature, most

case studies are analyzed after an incident and with adequate
monitoring data and the type of movement is identified (Ryan
& Call 1992). At the Mavropigi mine, decisions had to be
made based on the day to day data becoming available with-
out a priori having a large amount of data that could be used
to determine the type of movement.

Initially, based on the geological model of the area, the visual
observations of the cracks in the crest and the translational
surface located by the inclinometers, a limit equilibrium
model was analyzed to evaluate if the movement was possi-
ble and to back calculate the material properties of the shear
surface. Based on back analysis (Figure 4) it was found that a
sliding surface was possible with residual friction angle of
@=7° for the near horizontal surface and ¢'=24° for the back
scarp. These values were considered to be the lower bounds
since no water pressures were introduced and were in good
agreement with the laboratory ones provided in Table 1 for
the area.

Figure 4. Back analysis of the sliding surface

From the geological model, the inclinometer readings and the
back analysis it was found that the movement is taking place
in a failure shear zone (thin high plasticity clay interlayer)
with an inclination of about 4-5°. Based on this information
an initial estimate was made that the movement could be of
the regressive type based on the recommendations by
(Zavodi and Broadbent, 1980), by which movements are
deemed regressive when taking place on a surface with a
lower angle in relation to the slope face inclination and the
shear resistance (friction angle) of the material. Initial reme-
diation measures consisting of excavating part of the top two
benches were analyzed with the same data. Analysis showed
that the FS became 1.06 which was considered positive for
reducing the rate of movement. The slope stability analysis
was considered only indicative due to the complex nature of
the sliding mass (fig 2) and greater emphasis was placed on
slope monitoring.

The data were further analyzed to verify the regressive type
of movement and to identify a possible onset of a progres-
sive type of movement, leading to failure. One method to
evaluate monitoring data is the inverse velocity measure-
ment versus time. Based on this method, as described by
(Rose and Hungr, 2007), when the inverse velocity of slope
movement is plotted against time, failure is imminent as the
trend line approaches zero values (velocity increases asymp-
totically). In Figure 5 the inverse velocity versus time is pre-
sented for prism 2A4.

Figure 5 suggests that if this method is to be followed, at
numerous times the mine slopes could be at imminent col-
lapse. This is evaluated based on the extrapolation to zero of
the regression lines for different time intervals (straight
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lines). For example the first imminent collapse could have
been evaluated to have occurred on 01/03/12, which did not
happen.
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Figure 5. Inverse velocity versus time for prism 2A4

Figure 6 presents velocity versus time for all prisms of bench
2 while figure 7 shows the daily and cumulative precipitation
for two weather stations. The mine is located in between
these stations with a distance of about 7km. No precipitation
data at the mine were available.
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Figure 7. Precipitation versus time from two stations

Subsequently regression analysis presented times that fail-
ure could take place. This graph presents a situation where
the method could not work properly without evaluating other
critical factors such as precipitation or excavation unloading.

From the evaluation of figures 6 and 7, a strong correlation
between the precipitation and the increase of velocity is ob-
served. Further observation of figure 6 provides information
of a stick — slip mechanism and a regressive type of move-
ment in which the velocity does not increase or decrease at a
constant rate but undergoes abrupt changes. During and af-

ter heavy precipitation the water filled tension cracks provide
an increasing driving force. As displacement continues, the
width of the cracks increase and the water level drops with a
dissipation of water pressure. This is a repetitive situation
which modifies the velocity of the sliding mass. Beginning of
February 2012 limited (day shift) remedial excavation was
executed on bench 1 and above to reduce the weight of the
sliding mass. Such excavation increased after March 2012
being conducted on 24hour shifts. As a result movement ve-
locities were reduced after that date.

In retrospect the movement was of the regression type (or
behaved in this respect due to the excavation at the top of
the slope) as can be seen from the displacement measure-
ments at bench 4 presented in Figure 8. In this graph the
displacement at the bench is plotted versus time for four dif-
ferent prisms in different locations transversally placed on the
slope (Figure 2).
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Figure 8. Cumulative displacement of prisms on bench 4

When the cumulative displacement becomes convex, move-
ment acceleration is evident and a progressive type of
movement can be inferred. When the cumulative displace-
ment becomes concave then deceleration takes place. As can
be seen from Figure 8 displacements “cyclically” change from
convex to concave and back to convex meaning that this is of
a mixed condition where the regressive type of movement
prevails. Although the cumulative displacement for this slope
for a period of 7 months is over 3m, they are still in a regres-
sive type of movement and therefore mine operations con-
tinue.

5 GEOMETRICAL MOVEMENT INFORMATION

The dense grid of monitoring prisms together with the high
accuracy of the robotic total station produced additional in-
valuable data for the moving mass. As can be seen from Fig-
ure 2 the vectors of motion are presented with arrows. The
continuous arrows present monitoring information until the
writing of this paper. The dashed arrows present monitoring
data that were discontinued for operational reasons at differ-
ent times. As can be seen from the arrows and the displace-
ments at bench 4 (figure 8) the slope moves more to the east
than to the west while both translation and rotation occurs at
the same time. The reason for this complex movement can
be explained taking into account the sloping surface geome-
try and the kinematic conditions of the adjacent southwest
slopes.

The southwest slopes can be considered in a regressive mov-
ing condition as well. The movement there occurs at a very
deep seated slip surface which is, partly formed on the schist
bedrock probably on top of an old “inactive” fault and partly
on the Neogene formation. The movement of that deeper
slide may be generating lateral forces that are applied on the
moving mass at the southeast mine slopes.
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The complex movement of the southeast slope is also af-
fected by the inclination of the sliding surface where the
southeast slopes are moving on. As was shown previously in
section A-A’ the shear surface was found to have an un-
favorable inclination of about 4-5°. This unfavorable situation
is not continuous transversely across the slope. This can be
safely stipulated after careful evaluation of the vertical -
horizontal displacement of different prisms in the same bench
(figure 9). In this plot the abrupt change of measurements is
due to maintenance of the prisms.
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Figure 9. Vertical versus horizontal displacement

As can be seen from figure 9 and especially after about
1500mm of horizontal displacement, when no abrupt changes
are recorded, the prisms at the east (4A1, 4A2) produce a
downward movement with an angle of about 4-5°. The 4A2
prism which is located at cross section A-A’ produces the
same shear surface inclination as determined by the incli-
nometers. Further to the west the sliding surface becomes
horizontal or even with slight favorable inclination. This slid-
ing surface geometry is responsible for the increased move-
ment to the east and the rotation of the moving mass.

This detailed evaluation of the moving mass could not be
possible without the dense grid of measuring points and the
high accuracy of the robotic total station. It is evident that
with accurate monitoring data shear surface inclinations can
be evaluated from surface measurements.

6 CONCLUSIONS

A case study of high horizontal movements recorded on op-
erational surface mine slopes has been presented. The slopes
have been moving with an average velocity of about 10-
20mm/day and until today they have moved more than 3m.

The sliding mechanism was investigated and, based on back-
analysis, it was determined that the southeast slopes of the
mine are moving on top of a near horizontal shear surface
with a residual friction angle of about 7°. As no water pore
pressure was used in the analysis, this value is considered a
lower bound, and coincides with values determined through
lab experiments for similar material in the mine area. The
slope stability analysis is considered only indicative due to the
complex geometry of the moving mass. It is not possible to
exactly model this mass with plain strain limit equilibrium
methods.

Great emphasis was given in the monitoring program in
which twenty prisms, two inclinometers and two piezometers
were used. The surface monitoring of the prisms was greatly
enhanced when a high accuracy robotic total station was
used. With the high accuracy of the robotic total station,
movement vectors could easily and accurately be measured.

The measurements presented a complex type of movement
of the slopes which most of the time was of the regressive
type. The slope movement has been found to be greatly af-
fected by the periodic precipitation and the infilling of the
tension cracks.

Based on the regressive type of movement, the mining op-
eration could continue and at the same time remedial meas-
ures taken with excavation of the top benches for unloading.
This remediation decreased but did not stop slope move-
ments. Although the slopes have moved more than 3m hori-
zontally, they are still in operation without significant prob-
lems. Movements were found to be very sensitive to external
conditions such as precipitation.

The increased accuracy of the prism measurements allowed
the identification of the sliding surface inclination along the
mine slopes. It was found that the sliding surface changed
inclination transversely.

High mine slopes can be in operation even if they produce
high rates of movement, as long as the sliding mechanism
type is identified and continuously monitored. Remedial
measures can be incorporated in the mine plan in order to
reduce movements.
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ABSTRACT: This work deals with a simulation of a con-
struction sequence of a stone column in two distinct stages:
a) a one stage excavation and b) a multi-stage backfilling of
the column stone excavation with crushed gravel at ascend-
ing steps of 1m. Simulation of this procedure is attempted
using a 3D model which represents the stone column and the
surrounding soil. Analysis is carried out using a numerical
code, called FLAC3D, based on finite differences. The
mathematical model incorporates geometry and boundary
conditions of the problem, profile of soil layers with their
physical, deformational and mechanical properties and their
constitutive laws, as well as, initial conditions of stresses and
deformations of subsoil stratums of the examined area. Spe-
cial emphasis is given to simulation of an harmonically im-
posed vertical loading of the vibrating column, into an
equivalent static vertical loading and subsequently into an
equivalent radial pressure against internal wall of the cylin-
drical excavation of the constructed stone column. Results
clearly denote that there is a strong interaction of the com-
plex system in the kinematical and stress field, which satis-
factorily justifies modification of the final diameter of the
constructed stone column compared to the theoretical pro-
posed diameter.

RESUME : Ce travail se référe a une simulation numérique de
la séquence de construction d’une colonne ballastée, en deux
étapes séparées : a) une étape unique d’excavation, et b)
plusieurs pas successifs de remblayage de |'excavation cylin-
drique de la colonne ballastée, avec du matériau granulaire
écrasé, a des pas montants de 1m. La simulation est effec-
tuée a l'aide d’'un modéle 3D qui représente la colonne
ballastée et le sol environnant. Le code numérique utilisé est
FLAC3D et il est basé sur le modeéle des différences finies. Le
modeéle mathématique integre la géometrie et les conditions
limites du probléme, le profil du sol avec leurs propriétés
physiques, méchaniques et de déformation, ainsi que leurs
lois de comportement et conditions initiales de la région exa-
minée. On accentue sur la simulation d’un chargement
harmonique, verticallement imposé par la colonne vibrante, a
un chargement équivalent vertical statique, et par la suite, a
une pression équivalente radiale qui charge l'intérieur de I'ex-
cavation cylindrique de la colonne ballastée construite. Les
résultats demontrent clairement, l'interaction prononcée du
systéme complexe, qui justifie aisément le grossissement du
diamétre construit, par rapport au diamétre théorique, congu
lors du dimensionnement du projet.

KEYWORDS: stone column, excavation, multi-stage back-
filling, Flac3D, interaction, complex system, diameter.

1 INTRODUCTION - SCOPE OF THE WORK

The present work focuses on the investigation of kinematic
and strain interaction of a complex system consisting of a
single column stone and the surrounding soil, during the ex-
cavation stage and the backfilling stage with crushed gravel.

The scope of this work is the investigation and a possible
explanation of the problem concerning modification of the
constructed stone column diameter, versus the theoretical
(design) one, taking into account the procedure of the stone
column construction, its geometrical characteristics and the

geotechnical model representing the surrounding soil and its
physical, deformational and mechanical properties.

In the framework of this work, a summary of geological, geo-
physical, geotechnical and seismological data are presented
in a succinct way in the following chapters, for the examined
area, based on a number of corresponding projects per-
formed in the recent past. After a short technical description
of the stone column constructing procedure adopted for this
project, the numerical model is determined and numerical
analyses results are presented, in an attempt to explain the
deduced discrepancy between “constructed” and “designed”
stone column diameter. The examined area is located in the
wide bed of a river in northern Greece, prone to liquefy,
where a bridge is founded.

2  GEOLOGICAL AND SEISMOLOGICAL DESCRIPTION OF
THE SITE

According to geological and geotechnical data, resulting from
preceding investigation projects on this area, the surface is
covered by deposits that belong to the Quaternary and is
subdivided into: a) river deposits (RD) consisting of silty
sands, clay-silty sands, gravels and locally cobbles of gneiss
or marble, and b) alluvial deposits (AL), consisting mainly of
sands with a largely fluctuating percentage of clays, silts and
gravels, of a thickness ranging from 12 to almost 55m.

The geological bedrock of the examined site consists of rocks
of the alpic age and belongs to the Rodopic Mass, consisting
mainly of biotitic gneisses (gn) interpolated by amphibolites
and marbles green-gray coloured. The upper part of the
gneissic rockmass appears intensively weathered to totally
weathered, consisting thus the weathering zone of 2 to 4m of
thickness. The permeability of different geological formations
is quite heterogeneous: the riverbed deposits, mainly gravel
consisting (RDg) are a rather permeable soil formation (k >
10 m/sec), whilst alluvial deposits present a rather low
permeability (107 < k < 10 m/sec).

As for the seismological data, the examined site belongs to
zone I of low seismic hazard, with a horizontal free-field peak
ground acceleration value: amax=0.16g, according to the most
recent Hellenic map of seismic zones, valid from 1/1/2004.

3  GEOTECHNICAL CHARACTERIZATION

According to the entity of the geotechnical and geophysical
investigation programs performed on the broad area (geo-
technical boreholes, CPTs and Cross-Hole tests), it results
that the prevailing soil formation are alluvial deposits con-
sisting of sands to silty sands, with a high degree of het-
erogeneity, characterized by USCS as SP, SW, SM, SM-SP,
SM-SW. In some cases they appear as clayey sand (SC) to
sandy clay (CL), whereas in other cases, they turn out to be
gravel layers, such as: GP, GW, GM, GP-GM. According to the
almost 200 SPTs performed, the mean value of blows was
calculated about 23, with a standard deviation of +11. The
whole area, where the bridge is founded, has been initially
divided into three sub-regions represented each by a different
geotechnical design section (ITSAK & Gazetas 2003), and
finally a design geotechnical section has been attributed to
each bridge pier (Edafomichaniki 2007) used for dynamic
analyses purposes.

From various simplified design geotechnical sections, each
per bridge pier, it has been chosen one, for the needs of the
present project, corresponding to a precise pier of the bridge,
as being the most representative of the area, but not the
most conservative one. The soil profile used in the present
work, can be described as follows:

Layer Sia (0 To 2m): loose to medium dense gravels with
sand and sand or silty sand with local presence of gravels
(GP, SW-SM, SP): Nspr= 22, y=20.5kN/m?, @¢'=36°, c’=3kPa,
Es=10MPa, v=0.33
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Layer Sig (2 to 5m): medium dense gravels with sand and
sand to silty sand with local presence of gravels (GP, SW-SM,
SP): Nspr= 23, y=20.5kN/m3, ¢'=37°, c'=5kPa, Es=12MPa,
v=0.32

Layer S;a (5 to 12m): medium dense gravels with silt and
sand to silty sand with presence of gravels (GM-GP, SP-SM,
SM): Nspr= 25, y=21.0kN/m?3, @’=39° c’=6kPa, Es=16MPa,
v=0.31

Layer Sys (12 to 19m): medium dense silty gravels, silty sand
with presence of gravels to silty sand (GM-GP, SP-SM, SM):
Nspr= 28, y=21.0kN/m3, @'=40°, c'=8kPa, Es=20MPa,
v=0.30

Layer Ssa (19 to 23m) and layer Ss (23 to 35m): medium
dense clayey sand-gravels mixture to sandy clay with grav-

els, or silty sand-gravels mixture (GC-GM, SM, CL):
Nepr= 26, y=21.2kN/m?, ¢'=37°, c’=12kPa, E=15MPa,
v=0.31.

From 35 to almost 48m the weathering zone of the gneissic
bedrock or highly weathered gneiss is met.

4 METHODOLOGICAL APPROACH

The analysis was carried out with FLAC 3D numerical code of
finite differences.

4.1 Modeling Procedure

By considering the construction of a stone column in the
above soil profile, simulation of two distinct stages of the
construction of a stone column is attempted using a three-
dimensional (3D) model which represents the stone column
and the surrounding soil. Simulation of soil materials is re-
alized by a 3-diamensional polyhedral grid with use of the
finite difference method. The mathematical model adopted,
incorporates geometry and boundary conditions of the prob-
lem, the profile of soil layers, physical, deformational and
mechanical properties, constitutive laws for the geoma-
terials, as well as, initial conditions of stresses and deforma-
tions of the subsoil stratums of the area under study.

Geometry of the problem is simplified to axial symmetry. A
vertical plane through stone column axis is a plane of sym-
metry for the analysis. Model grid is shown in figure (1). Co-
ordinate axes are located with origin at the base of the grid,
whereas y-axis is oriented along vertical column axis and
upward. The initial grid is assigned by 5.0m and 50 units in
x-direction, by 5.0m and 50 units in z-direction and by 28.0m
and 56 units of in y-direction. A Mohr-Coulomb constitutive
model elastoplastic behavior is assigned to all zones of soil
surrounding stone column, whilst linear elastic one is as-
signed to stone column backfilling crushed material. Bound-
ary conditions consist of roller boundaries along the external
grid sides of column axis and a fixed base. Equilibrium condi-
tions for initial stresses are based on earth pressure coeffi-
cient at rest K,=v/(1-v), where v: Poisson’s ratio.

The modeling sequence consists of the following stages:
Stage I : Initial stresses

Establish equilibrium conditions to initialize stresses

Stage II : Excavation

Stone column excavation at full penetration depth was de-
cided to be numerically simulated in one and only stage,
since in reality, excavation was accomplished in about 30 min
for a typical stone column of the project, and also, be-cause
no steps of excavation during its construction, could be dis-
cretized.

Stage III: Stone Column Construction

In reality, construction of cylindrical stone columns of the
project with a theoretical diameter D=0.8m and a length
L=23.0m, is realized by ascending steps of 0.5m; at each
step, the crushed geomaterials are driven through the top of
the stone column downwards (top feed method), and then,
the vibrational torpedo is sinked into the excavated cyclic
area, reaches the top of the crushed material and starts vi-
brating harmonically at a frequence of 30Hz, in order to
achieve an harmonically applied normal stress of 30 to
35MPa. However, our choice of computational ascending
steps to simulate stone column construction was of 1.0m,
since an initial comparative study between 0.5m and 1.0m
ascending steps, revealed no significant differences, whereas
computational time difference was important. Therefore,
Stage III is sub-divided in two distinct calculation steps, ever
after named as “Sub-stage Illa and IIIb”

FLAC3D 3.10
©2006 Itasca Consulting Group, Inc.

Settings: Model Perspective
13:40:35 Sat Sep 27 2008

Center: Rotation:

X: 6.836e+000 X: 140.000

Y: 9.322e+000 Y:130.000

Z:5.757e+000 Z:360.000

Dist: 7.957e+001 ~ Mag: 125
Ang.: 22.500

Surface

Magfac = 0.000e+000

Live & unassigned mech zones shown
Axes

Linestyle

Itasca Consulting Group, Inc.
i lis, MN USA

Figure 1. Model grid used for 3D numerical analyses.

Sub-stage IIla : Simulation of Vibration and Compaction

Based on the construction procedure concerning the one
stage of excavation of the stone column to be realized, which
affects significantly the mechanical properties of the sur-
rounding zone, a weak zone boundary has been created, by
reducing @’ & c’, in a distance of 0.60m surrounding column
lateral sides, in order to simulate relaxation due to excava-
tion. The width of the weak zone, the reduced values of the
mechanical parameters and the elastic deformation modulus,
resulted from a “trial and error” back calculating procedure,
based on the quantity of the crushed material measured in
situ, during the construction of a stone column of the project.
Namely, we tried to match the increase of the “as built” di-
ameter of the examined stone column, in agreement with the
quantity of the crushed material used for the construction of
the stone column, by adjusting the values of mechanical and
deformational parameters of the disturbed zone. Vertical
normal stress, harmonically applied on top of filling crushed
material in order to compact the crushed fill material, per
numerical ascending step of the stone column construction, is
transferred as a lateral pressure “p” to simulate subjected
compressive lateral loads of material due to gravel compac-
tion, in terms of an “equivalent static” lateral (radial) pres-
sure, as explained in the following paragraph.

Sub-stage IIIb : Simulation of Crushed Stone Material filling

This sub-stage simulates filling of the stone column crushed
material taking under consideration the preceding compac-
tion procedure. In order to maintain the shape of the “de-
formed diameter” per constructed step of the stone column,
crushed fill material, considered as a linear elastic one, it has
been attributed a very high modulus of elasticity, avoiding
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thus a rebound of the plastic lateral displacements obtained
from sub-stage Illa.

4.2 Assessment of equivalent lateral static loading

It is widely known in Mechanics, that a dynamic system re-
sponds to an harmonic external loading, according to the
following equation:

u(f)=uy ! -
J[l—(f/fl)} 140 "

where, u(f): dynamic displacement, us : equivalent static
displacement (=P/K), w: frequency of the input motion, w;:
predominant frequency of the system (herein: the soil col-
umn overlying gneissic bedrock), and : damping ratio of the
system.

From equation (1), it results that ratio u(f)/us is greater than
1.0 when f/f;<1.0, and vice versa, when f/f;>>1.0. In this
last case, it results:

u(f)/ustz%f/fl)2<l (2)

Based on the aforementioned, in order to use an “equivalent
static” loading instead of a dynamic or harmonic one, we
need to use a coefficient b(f), defined as in equation 2. As
b(f) is proportional to u(f)/ug, it is evident that it will be in-
versely proportional to loadings, i.e. the ratio Ps/P(f). There-
fore:

b(f)EP(f): 1 (3)

F \/[1—(f/f,)2T+4§2

In the present problem, it can be assumed approximately,
that:

N/ W 4
L=V = % @

where, Vi.: wave velocity according to Lysmer (Vi.=1.5Vs),
Vs: shear wave velocity, and H: depth of the soil column
overlying the gneissic bedrock.

Consequently, for the examined case, where a mean depth of
the soil column is admitted as: H=30m and Vs3,x250m/sec,
the predominant frequency of the system for vertically in-
duced harmonic external loading, can be roughly approxi-
mated, as:

_3x250m/s _

R 3Hz (5)
8x30m

For input motion frequencies ranging from 20 to 35Hz (mean
estimated value of 30Hz) and mean estimated value of damp-
ing ratio (=20% (Mylonakis et al 2006), equation (3) results
b=0.15, which represents a reductional coefficient due to the
frequency of the input motion. It is estimated that due to a
large number of uncertainties of the system, and also be-
cause the examined system is not a single degree freedom
oscillator, it would be wiser to impose a factor of safety of
2.0, resulting thus to a design coefficient bgesign=b x 2 = 0.3.
Accordingly, it results that Ps~30%Pcciic.

Based on the above, vertical harmonic loading imposed by a
hydraulic vibrating torpedo, can be calculated via cyclic nor-
mal stress (30 to 35MPa) applied through the edge of the
vibrating column of a diameter d=0.40m. The vertical har-
monic loading, is calculated, as follows:
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providing thus an equivalent static vertical loading

Pt~ 30%Pic=0.3 x 3.768=1.13MN, and an equivalent ver-
tical normal stress that is estimated to compact vertically the
crushed fill material of the stone column at every step of con-
struction:

0,4 = &X“z =1777kPa (7)
= 3.14x0.8

According to linear elastic theory, earth pressure coefficient
at rest, equals to: ko = v/(1-v) = 0.3/(1.0-0.3)=0.429, and
then the equivalent radial (horizontal) static normal stress is
estimated o}, = 0.429 x 1777~762kPa.

For the numerical analyses performed, for the deeper part of
the stone column it was adopted a radial pressure of 750 to
800kPa, whereas, it has been progressively reduced as as-
cending steps of stone column construction were getting
close to the head of the stone column at free surface until it
has almost been nullified in the last step.

5 NUMERICAL ANALYSIS IMPLEMENTATION & RESULTS

Developing a step by step simulation of a stone column con-
struction (excavation, filling & compaction), analysis results
are mainly concentrated to the plasticity limits of soil strength
and to the outwards lateral displacement of the stone column
excavated sides due to gravel compaction. Plasticity indica-
tors for shear or tension are divided at a present plastic yield
indicator with symbol (-n) or a past plastic yield indicator
with symbol (-p). Outwards lateral displacement are being
recorded at every depth level of the stone column, in differ-
ent grid points with distance of 0, 30cm, 60cm and 100cm of
the excavated sides of the stone column.

Figure (2) shows plasticity indicators generated due to the
excavation at full penetration depth. It can be seen that one
step column excavation, has no remarkable effect at inwards
horizontal displacements. At this case, plasticity limits of soil
strength developed in a distance of 0.20-0.40m surrounded
excavated sides. Inwards horizontal displacements of the
excavation are limited in a range of 4-5mm with maximum
values appearing at deeper levels of excavation.
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Figure 2. Plasticity zones during the one stage excavation of
the examined stone column

Sub-stages IIla & IIIb simulate the compaction/filling of
crushed stone material and interaction of the above to sur-
rounding soil. Figures (3) and (4) exhibit plasticity indicators
for two different construction depths from 16m to 15m and
from 1m up to the head of the stone column (free soil sur-
face) respectively. Although, most of plastic indicators, reveal




a past plastic yield (indicator —p) in shear or tension, plastic-
ity disturbance of the soil is generated in a remarkable dis-
tance of 1.0 to 1.2m surrounding column sides for the first
example and in almost the entire surface area of the sur-
rounding soil at the second one. Low initial stress state at
free soil surface, leads to a remarkable plastic yield over limit
close to the stone column head, even though equivalent
static normal radial stress is very low. Concerning lateral
outwards displacement of stone column excavated sides, due
to gravel compaction/filling, shows that values between 10
and 20cm keep well at a distance of 100cm of the excavated
sides. Indicatively, outwards radial displacement values (at
excavated sides) for depths at 22.5m, 11.0m and 1.0m are in
a size of 23cm, 12cm and 20cm respectively. In general
terms, outwards horizontal displacements are eliminated at
distances more than 60cm of excavated sides.
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Figure 3. Plasticity zones during multi-stage filling of the
stone column with crushed geomaterial at depth of 16 to 15m
simulated by an equivalent static radial pressure (sub-stage
IIla, 8" ascending step of construction of the examined stone
column)
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Figure 4. Plasticity zones during multi-stage filling of the
stone column with crushed geomaterial at depth of 1m to
head of the stone column, simulated by an equivalent static
radial pressure (sub-stage IlIa, 23" final ascending step of
construction of the examined stone column)

6 CONCLUDING REMARKS

For the needs of the present project it has been decided to
adopt a rather simple, yet representative, soil profile corre-
sponding to a bridge pier, where typical stone columns of
0.8m diameter and 23m length are constructed, in order to
improve foundation soil behaviour. The complex system con-
sisting of a stone column and the surrounding soil is humeri-

cally analyzed with FLAC3D numerical code based on finite
differences.

The numerical code used considered the procedure of con-
struction, as well as, its effects on the surrounding soil, and
simulated at its best, the physical procedure of the stone col-
umn construction, in a rational and well documented way.

Excavation stage is simulated in one and unique stage,
whereas, construction of a stone column is simulated by a
multi-stage complex procedure divided in two distinct calcu-
lating steps. Those are identified as two sub-stages per as-
cending step of construction: a) vibration and compaction,
materialized by application of an equivalent radial pressure
against the internal wall of the cylindrical excavation and b)
stone column filling with a linear elastic geomaterial assigned
a high elastic modulus of compressibility, due to the compact-
tion procedure, preventing a rebound of the induced radial
displacements of the first sub-stage.

Commenting the outcome of numerical analyses performed,
the following points can be outlined:

1. after completion of excavation stage, the plastic zones
developed around the cylidrical excavation are limited,
same as horizontal displacements, ranging from some
millimeters to only a few centimeters,

2. once excavation procedure is completed, it has been
documented via a “trial and error” back calculating pro-
cedure, that a zone of about 60cm is seriously disturbed,
affecting notably the mechanical and deformational pa-
rameters of the surrounding soil,

3. the stage of construction of the stone column has been
simulated by a multi-stage procedure of ascending steps
of 1m and application of an equivalent static radial pres-
sure, as defined in 8§4.2, progressively reduced as as-
cending construction steps approached the head of the
stone column at the free surface,

4. horizontal inelastic displacements in the limit of the side
wall of the cylidrical excavation range between 10 and
20cm, resulting thus in an expansion of the constructed
diameter, compared to the theoretical one as designed.
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Residual shear strength behavior of swelling
soils

Comportement de force résiduelle de cisaillement des
sols gonflants

I.N. Markou
Democritus University of Thrace, Xanthi, Greece

ABSTRACT: Three clay soils from North-Eastern Greece, pre-
senting “high” or “very high” swelling potential, were used in
this investigation. The residual strength behavior of these
soils was evaluated by performing ring shear tests on re-
molded specimens. The specimens were prepared either with
the optimum water contents resulted from Standard compac-
tion test (26% - 31%) or with higher water contents (46% -
47%), derived from the specimen moistures at the end of
the preceding tests with optimum water contents. Ring shear
tests were performed using a Bromhead apparatus, accord-
ing to the procedures described in BS 1377 - Part 7. The
results obtained from the consolidation stage of the ring
shear tests conducted in swelling clays, do not present the
typical form attained in ordinary clays. Although the failure
envelopes in residual state present curvature in some cases,
they can be considered as linear for effective normal stresses
up to 250 kPa. The resulting values of residual friction angle
do not exceed 14° and, in some cases, are affected by the
water content of the specimens used in the tests.

RESUME: Trois sols argileux provenant du Nord-Est de la
Gréce et présentant un potentiel de gonflement «haut» ou
bien «trés haut», ont été utilisés dans le cadre de ce travail.
Le comportement de la force résiduelle de cisaillement a été
évalué a l'aide des essais de cisaillement annulaire sur des
échantillons remués. Les échantillons étaient préparés, soit
avec le pourcentage de contenu de l'eau optimal, résultant
par I'essai de compactage standard (26% - 31%), soit avec
des pourcentages de contenu de l'eau plus élevés (46% -
47%) qui dérivent par I'hnumidité des échantillons a la fin des
essais précédents avec des contenus de l’eau optimaux. Les
essais de cisaillement annulaire ont été réalisés a l'aide de
I'appareil de Bromhead, selon la procédure décrite dans BS
1377-Partie 7. Les résultats obtenus par le stage de consoli-
dation du cisaillement annulaire, conduits sur des argiles gon-
flants, n’atteignent point la forme classique des argiles ordi-
naux. Bien que, I'enveloppe de rupture présente une courbe
dans quelques cas, elles peuvent étre considérées comme li-
néaires pour des contraintes normales effectives allant
jusqu’a 250 kPa. Les valeurs résultantes de 'angle de friction
résiduelle, n‘excedent point 14°, et dans quelques cas, elles
sont affectées par le contenu de I'eau des échantillons utilisés
lors des essais.

KEYWORDS: soil behaviour, swelling soils, expansive clays,
residual shear strength, laboratory investigation, ring shear
tests

1 INTRODUCTION

The residual shear strength of cohesive soils plays a part in
the stability of old landslips, in the assessment of the engi-
neering properties of soil deposits which contain pre-existing
shear surfaces, and in the assessment of the risk of progres-
sive failure in stability problems in general. Extensive investi-
gations on the residual strength have been carried out and
directed towards: (a) developing suitable laboratory tech-
niques for its measurement, (b) identifying the influence of
geomechanical features on the residual strength, (c) under-
standing the basic mechanisms involved in the mobilization of
shear strength during the residual stage of deformation and
(d) establishing correlations with soil index properties. Al-
though the residual strength has been studied in the labora-
tory using experimental techniques such as the triaxial test
procedure proposed by Chandler (1966), the ring shear test
and the multi-reversal direct shear test are widely used to
measure the residual strength of soils. Published results (Lu-

pini et al. 1981, Skempton 1985) show that residual shear
behavior changes significantly as the clay content of cohesive
soil increases, and that a change in shearing mechanism also
occurs. Apart from the clay fraction, the mineralogy of the
clay also has an effect on residual strength, especially when
the clay fraction is large (Kalteziotis 1993). A number of cor-
relations between residual strength and clay fraction, plastic-
ity index and liquid limit have been proposed (e.g. Skempton
1964, Lupini et al. 1981, Hawkins and Privett 1985, Skemp-
ton 1985, Mesri and Cepeda-Diaz 1986), but Lupini et al.
(1981) suggested that all these correlations can not be gen-
eral.

Soils containing expansive clay minerals, called swelling or
expansive soils, have created problems of uplift and insta-
bility on many structures, because there is an opportunity for
water to become available and thus facilitate the expansion
(swelling) of the clay minerals. Swelling clays are often sub-
ject to extreme changes in shear strength because of ex-
treme moisture changes. In addition to the strength factors
related to the minerals involved, the interrelation of moisture,
density and load plays an important part in the strength
(Gibbs et al. 1960). Swelling soils also exist in Greece and
have created a number of problems and/or failures in pro-
jects (Christodoulias and Gasios 1987, Stamatopoulos et al.
1989). Therefore, the properties and the swelling characteris-
tics of swelling soils from Greece were investigated (Xeidakis
1993, Tsiambaos and Tsaligopoulos 1995, Kollaros and Atha-
nasopoulou 1997), preventive and corrective measures
against swelling were applied (Christodoulias and Gasios
1987, Stamatopoulos et al. 1989) and the treatment of swell-
ing soils using various methods for reducing swell potential
and increasing strength was examined (Stamatopoulos et al.
1992). It is, therefore, of merit to investigate the residual
shear strength behavior of swelling soils. Toward this end, a
laboratory investigation was conducted in order to evaluate
the residual shear strength parameters of selected swelling
soils having different moisture contents and the results ob-
tained and observations made, are reported herein.

2 SOIL PROPERTIES

Three soils from the region of Thrace (North-Eastern Greece)
were used in this investigation because of their swelling char-
acteristics. According to the properties presented in Table 1,
all three soils can be considered as clay soils since the clay
fraction (grain sizes <0.002 mm) ranges from 70% to 80%.
The P1-S2 and P2-S2 soils are classified as CH, while the P2-
S1 soil is classified as MH in accordance with the Unified Soil
Classification System. The values of maximum dry unit
weight, Ydmax, and optimum moisture content, wey, were ob-
tained by conducting compaction tests with standard compac-
tion effort.

Table 1. Properties of soils.

Soil designation P1-S2 P2-S1 P2-S2
Sampling depth (m) 1.5-3.0 0.0-1.6 1.6-3.0
Specific gravity Gs 2.82 2.68 2.73
o Sand (%) 11.5 5.6 3.8
Grain size .
) Silt (%) 9.3 23.9 25.8
analysis
Clay (%) 79.2 70.5 70.4
Atterberg Liquid limit w, 86 82 87
limits Plasticity index I, 63 42 55
Maximum dry unit
Compaction weight Ymax (KN/m?) 13.80 13.95 14.27

characteristics  Optimum moisture

content Wep (%) 31.2 27.0 25.8

All three soils present “high” or “very high” swelling poten-
tial, according to the known correlations of soil index prop-
erties with swelling characteristics (Papakyriakopoulos and
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Koudoumakis 2001). One-dimensional swell tests (ASTM
D4546, Method A) were conducted using laboratory-com-
pacted specimens (ASTM D698) of these soils (Koudoumakis
2000). The results obtained from specimens with initial mois-
ture contents similar to the optimum moisture contents of the
soils (Table 1), are presented in Table 2. It can be observed
that the swell pressure ranges from 170 kPa to 820 kPa and
the free swell ranges from 11% to 19%. These values are
indicative of the swelling potential of the soils used in this
investigation.

Table 2. Typical results of one-dimensional swell tests.

Soil designation P1-52 pP2-S1 P2-S2
Initial moisture content w, (%) 30.63 31.13 24.02 27.48
Initial void ratio e, 0.990 0.946 1.054 1.045
Initial degree of saturation S, (%) 87.25 88.19 61.08 71.79
Dry unit weight y,4 (kN/m?) 13.87 13.52 12.81 13.09
Swell pressure P; (kPa) 820 335 170 410

Specimen height increase Ah (mm)  3.85 2.20 2.52 2.83

Free swell Ah/h, (%) 19.23 11.60 13.28 14.17

3 EXPERIMENTAL PROCEDURES

The residual shear strength behavior of the soils was evalu-
ated by performing ring shear tests on remolded specimens.
The use of remolded specimens allowed the adequate control
of the specimen moisture content. The specimens were pre-
pared with the moisture contents shown in Table 3. At first,
the optimum moisture content, resulted from the Standard
compaction test (Table 1), was used for each soil. The follow-
ing specimens were prepared with larger moisture content,
obtained for each soil as the average value of the specimen
moisture contents at the end of the preceding tests started
with optimum water content. The specimens were placed in
the cell of the ring shear apparatus by kneading the soil with
the desired moisture content evenly to fill the annular cavity
between the confining rings of the cell, using a small spatula
(BS 1377 - Part 7).

Table 3. Testing program.

Moisture content w

Soil (%) Effective normal stress o/, (kPa)
31.2 25 75 250 800

P1-S2
45.8 25 50 100 200
27.0 25 75 200 600

pP2-S1
47.1 25 50 100 200
25.8 25 75 200 600

p2-S2
46.4 25 50 100 200

Ring shear testing was based on the procedure described in
BS 1377 - Part 7. The tests were conducted using a Brom-
head ring shear apparatus (Bromhead 1979) and annular
specimens of 5 mm thickness with internal and external di-
ameters of 70 mm and 100 mm, respectively. The speci-
mens were consolidated for a period of 24 hours under the
effective normal stresses, o'y, presented in Table 3 and, sub-
sequently, were sheared at a constant rate of angular dis-
placement equal to 0.048 degrees/min. The selection of this
rate of angular displacement was dictated by the unconven-
tional results of the consolidation stage of the tests, de-
scribed in the next section, and was based on the fact that
this rate has been found satisfactory for a large range of soils
(BS 1377 - Part 7). One of the objectives of the present
study was to investigate the residual strength behavior of the
soils for a wide range of effective normal stresses reaching or
even exceeding the values of swell pressure shown in Table
2. Although this goal was accomplished for the specimens
prepared with the optimum moisture contents (Table 3), the
use of effective normal stresses larger than 200 kPa was not

feasible in the tests performed with soil moisture contents
ranging from 46% to 47% because of excessive specimen
loss during testing.

4  RESULTS AND DISCUSSION

Typical “specimen length change” - “log time” curves ob-
tained from the consolidation stage of ring shear tests con-
ducted with optimum moisture content and with moisture
content ranging from 46% to 47%, are shown in Figures la
and 1b, respectively. It can be observed (Figure 1a) that, in
several cases, the curves do not present the usual form at-
tained in ordinary clays, either due to the expansion of
specimens or because the consolidation was not completed
within the predetermined period of 24 hours. It can also be
observed (Figure 1b) that, in general, the classic type of
curves appears in the test performed under the highest effec-
tive normal stress of each test series. The overall behavior of
the three soils in the consolidation stage of the ring shear
tests is summarized in Table 4. More specifically, the tests
are divided in those exhibited specimen expansion and those
demonstrated specimen compression during consolidation. It
is evident that specimen expansion occurred almost in all
series of tests and that the interchange of expansion and
compression takes place at higher values of effective normal
stress in the tests conducted with optimum water contents.
This can be attributed to the denser condition of the speci-
mens in these tests, since their values of initial dry unit
weight, vq4, range from 1.24 gr/cm?® to 1.59 gr/cm® and are
larger than those (yg= 1.10 gr/cm® - 1.27 gr/cm?) in the
tests conducted with moisture contents ranging from 46% to
47%.

The residual shear stress, T, is the minimum constant value
of shear stress, determined at the end of the shearing stage
of each test and used in the drawing of the residual failure
envelopes of soils. As typically shown in Figure 2a, the resid-
ual failure envelopes resulted from the ring shear tests con-
ducted on specimens with optimum water contents are
curved, in agreement with the observation of Stark and Eid
(1994) that the non-linearity of failure envelopes is signif-
cant for soils with a clay fraction > 50% and a liquid limit
between 60 and 220. The fitting of the same experimental
data with a linear failure envelope is applied in Figure 2b,
without considering the measurement corresponding to the
maximum effective normal stress. As a result, a very high
correlation coefficient, R?, is obtained indicating that the fail-
ure envelopes of the soils with optimum water contents can
be considered as linear for effective normal stresses up to
250 kPa. Typical residual failure envelope obtained from
specimens prepared with moisture contents ranging from
46% to 47%, is also presented in Figure 2b. It can be stated
with confidence that these failure envelopes are also linear
because the resulting correlation coefficients range from 0.98
to 0.99. Linear residual failure envelopes were also obtained
from ring shear tests conducted on Greek clayey soils with
effective normal stresses ranging from 50 to 400 kPa (Kal-
teziotis 1993).

The values of the residual friction angle, @'z, obtained in this
investigation, are summarized in Table 5. These values are
similar to those reported by other researchers (Bishop et al.
1971) and were determined after it was ascertained that the
values of residual cohesion, c'r, are negligible and can be set
equal to zero. If the curvature of the failure envelopes for
optimum water contents is not taken into consideration and
all experimental data are fitted with a linear failure envelope
(Figure 2a), the correlation coefficients are satisfactory (R? >
0.92) but the resulting ¢’z values are even by 30% lower
than 0.92) but the resulting ¢’z values are even by 30%
lower than the values obtained for effective normal stresses
up to 250 kPa (Table 5). The relatively low difference (7.7%)
in P2-S1 soil is attributed to the not so pronounced curvature
of its failure envelope. Xeidakis (1993) has reported that the
residual friction angle decreases as the moisture content of
swelling soils increases. This effect of moisture content on the
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residual friction angle was verified in the present research 70 -
only for P2-S2 soil (Table 5), probably because the variation - _ o s
of moisture content used, ranges from 14% to 21% and is =60 F P2-82, w=25.8% L
low, compared to the variation of 35% used by Xeidakis & L (@) #
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Figure 2. Typical residual failure envelopes from ring shear
testing.
1
Table 5. Values of residual friction angle ¢’ (degrees).
01 1 10 100 1000 10000 gle ¢s (degrees)
Time, t (min) Soil Wopt Wore W= 46% - 47% Difference (%)
Figure 1. Typical results from the consolidation stage of ring P1-s2  7.3° 8.8° 8.8 17.0¢ 0.0 ¢
shear tests. P2-S1  84° 9.1° 8.7 7.7°¢ 4.4¢
p2-52  6.7° 9.6° 7.8 30.2°¢ 18.8¢
) . ) ) ) ) ? For all values of effective normal stress used in the tests
Table 4. Soil behavior during the consolidation stage of ring ® For values of effective normal stress up to 250 kPa
shear tests. © Between the two angle values determined for wyp
4 Between angles determined for Wope (0'n < 250 kPa) and w= 46%-47%
Soil Moisture content w Expansion Compression
(%) The results of residual shear strength tests are often pre-
312 25,75 ° 250, 800 ° sent,ed by_plottlng the values_of residual friction _<:oeff|C|ent,
P1-S2 T/0"s, against the corresponding values of effective normal
45.8 25,50 100, 200 stress, o'y, (Lupini et al. 1981, Hawkins and Privett 1985).
Thus, the “complete residual failure envelopes” (Hawkins and
27.0 25, 75, 200 600 ’
P2-S1 T Privett 1985) can be obtained and the effect of effective nor-
471 e 25, 50, 100, 200 mal stress on residual shear strength can be evaluated. The
25.8 25, 75, 200 600 residual friction angle can be expressed as (Hawkins and
P2-S2 Privett 1985):
46.4 25 50, 100, 200
X . e _ -1
? Values of effective normal stress o7, (kPa) used in the tests #R =tan —F (1)

on

The results of ring shear tests conducted on specimens with
optimum water contents were analyzed using Equation 1 and
the resultant values of residual friction angle are presented in
Figure 3. It is observed that the residual friction angle de-
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creases with increasing effective normal stress and that P2-
S2 soil presents the most pronounced curvature of failure
envelope and, as a result, the maximum variation of residual
friction angle. Finally, it appears that the “lowest constant
residual strength” (Hawkins and Privett 1985) was not
reached by the tested soils for the range of effective normal
stresses used in this study.

14
Optimum water
I contents
12 ¢ P1-S2
-+ P2-S1

—=-P2-S2

o]

Residual friction angle, @& ()
)

0 200 400 600 800
Effective normal stress, ¢, (kPa)

Figure 3. Complete residual failure envelopes of swelling soils
tested with optimum water contents.

5  CONCLUSIONS

Based on the results of this investigation and within the limi-
tations posed by the soils used and the number of tests con-
ducted, the following conclusions may be advanced:

e The behavior of swelling soils in the consolidation stage of
ring shear tests depends on the specimen moisture con-
tent and the effective normal stress used.

e The residual failure envelopes obtained for swelling soils,
tested with the optimum moisture contents resulted from
the Standard compaction test, are curved. Consequently,
the residual friction angle decreases with increasing ef-
fective normal stress and does not attain a minimum con-
stant value for the range of effective normal stresses used
in this study.

e All residual failure envelopes obtained in this investigation
can be considered as linear for effective normal stresses
up to 250 kPa, regardless of the moisture content of soils.

e The residual friction angle does not always decrease as the
moisture content of soil increases.
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Effect of Grout Bleed Capacity on the Engineering
Properties of Cement Grouted Sands

Effet de la capacité de ressuage de coulis de ciment sur
les propriétés mécaniques des sables injectés

I.A. Pantazopoulos, D.K. Atmatzidis, V.G. Basas, S.K.
Papageorgopoulou
Geotechnical Engineering Laboratory, Department of Civil
Engineering, University of Patras, Greece

ABSTRACT: Grouts of three different cement types, each at
four different cement gradations, with W/C ratios ranging
from 0.6 to 3.0 and bleed capacities ranging up to 70% were
injected into two different sands. Permeability, unconfined
and triaxial compression and resonant column tests were
conducted to investigate the influence of grout bleed capac-
ity on the engineering properties of cement grouted sands.
Cement grouting resulted in (a) permeability coefficient val-
ues as low as 108m/s, (b) unconfined compressive strength
in the range of 1MPa to 35MPa, (c) cohesion in the range of
100kPa to 1400kPa, (d) improvement of the internal friction
angle by up to 5°, (e) higher shear modulus by up to 25
times and (f) improved damping ratio by up to 10 times.
Bleed capacity is an indicator of sand void volume filled with
solidified grout but its degree of correlation with the static
and dynamic properties of the grouted sands ranges from
very good to negligible.

RESUME : On a injecté des coulis de trois types de ciments
différents, chaqu’ un avec quatre gradations différentes,
ayant un rapport eau/ciment variant de 0.6 a 3.0, et une
capacité de ressuage se situant jusqu’a 70% lorsque injectés,
dans deux sables propres. On a effectué des essais de per-
méabilité, de compression simple et triaxiale et de colonne
résonnante pour étudier l'influence de la capacité de ressuage
des coulis sur les propriétés mécaniques des sables injectés.
L'injection du ciment a résulté en: a) des valeurs de coeffi-
cients de perméabilité aussi bas que 10®8cm/s, b) une com-
pression simple de 1MPa a 35MPa, c) une cohésion de 100kPa
a 1400kPa, d) une augmentation de l'angle de frottement
jusqu’a 5°, e) un module de cisaillement jusqu’a 25 fois plus
élevé, f) une augmentation du coefficient d’amortissement
jusqua 10 fois plus élevé. Le ressuage des coulis est un
indicateur du volume des vides du sable remplis de coulis
solidifié mais son degré de corrélation avec les propriétés
statiques et dynamiques des sables cimentés varie de trés
bonnes a négligeables.

KEYWORDS: cement grout, bleed capacity, permeability,
strength, shear modulus, damping ratio

1 INTRODUCTION

Improvement of the mechanical properties and behavior of
soils by permeation grouting using cement suspensions is
frequently required in order to assure the safe construction
and operation of many structures. The grout water-to-cement
ratio (W/C) and the maximum cement grain size (dmax) are
two important parameters controlling the cement grout bleed
capacity and, consequently, the effectiveness of cement
grouts in terms of the percentage of soil voids volume filled
by grouting. Although the bleed capacity of cement grouts
has been frequently quantified, its correlation with the engi-
neering properties of the grouted sand has not been investi-
gated so far.

Scope of this presentation is to provide some insights on the
effect of grout bleed capacity on permeability, unconfined
compressive strength, shear strength parameters and dy-
namic properties of ordinary and microfine cement grouted
sands, in conjunction with the effect of the grout W/C ratio.

2  MATERIALS AND PROCEDURES

For the purposes of this investigation, a Portland, a Portland-
composite and a pozzolanic cement (CEM I, CEM II/B-M and
CEM IV/B according to Standard EN 197-1) were used. Each
cement was pulverized to produce three additional cements
with nominal maximum grain sizes (dmax) of 40pum, 20pum and
10pm and average Blain specific surface values of 567, 720
and 928m?/kg, respectively. Cements with dnax=10um can be
considered as “microfine” according to Standard EN 12715
(des<20um and specific surface over 800m?/kg). Also, ce-
ments with dm.x=20um have adequately small characteristic
grain sizes to be considered, marginally, as “microfine”. Typi-
cal gradations of these cements are presented in Figure 1.
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Figure 1. Typical cement gradations.

All suspensions tested during this investigation were pre-
pared using potable water since it is considered appropriate
for preparing cement-based suspension grouts. The W/C ratio
of the suspensions was set equal to 0.6, 0.8, 1.0, 2.0 and 3.0
by weight, in order to test both stable and unstable suspen-
sions in terms of bleed capacity. A superplasticizer (patented
new generation of admixture based on polycarboxylate chem-
istry) at a dosage of 1.4 % by weight of dry cement was used
to improve grout properties. All suspensions were prepared
using high speed mixers. As recommended by the superplas-
ticizer producer, the total amount of cement, 70 % of the
water and the superplasticizer dosage were mixed for 5 min.
Then, the rest of the water was added and mixing continued
for another 5 min. Bleed capacity measurements were con-
ducted for all cement suspensions used and the results are
summarized in Table 1.

Table 1. Bleed capacity values (%) of all cement grouts

dmax w/C
0.6 0.8 1.0 2.0 3.0

1000m 540 17-19  16-39 44-60  60-70

40HM 5, 11415 10-26 42-55  56-68
20um -y N/T 0-4 2537  43-49
10pum

N/T N/T 0-2 7-26 38-42

N/T: Not tested

According to Standard EN 12715, a suspension is stable when
it has a bleed capacity of not more than 5 % after 120 min
from preparation. It can be observed that a W/C ratio of
about 0.6 was required to obtain stable suspension of the
coarse cements (dmax=100pum and 40pm) while microfine
cement suspensions were stable for a W/C ratio of 1.0

The soils used were clean, uniform, limestone sands with
angular grains and were grouted at a dense (relative density
approximately 90%) and dry state. Two different sand grada-

TA NEA THZ EEEEI'M - Ap. 62 — MAPTIOZ 2014



tions were used with grain sizes limited between sieve sizes
(ASTM E11) Nos. 10-14 and 14-25 (d;s size of 1.5mm and
0.8mm, respectively) in order to allow grouting by both the
coarse- and fine-grained suspensions. The angle of internal
friction of the sands was 42.2° and 42.6°, respectively.

Laboratory equipment, similar to the arrangement described
in ASTM D4320-84, was used to produce small-size grouted
sand specimens, with a height of 112mm and a diameter of
50mm, ready for testing (Pantazopoulos et al. 2012). Injec-
tion was stopped when the volume of the injected grout was
equal to two void volumes of the sand in the molds. After 24
h, the specimens were extracted from the split molds and
cured in a humid room for 28 days before testing.

Grouted specimens were tested in unconfined compression at
a displacement rate equal to 0.1%/min. Hydraulic conductiv-
ity tests were performed according to the procedure de-
scribed by Head (1986) for permeability testing in a triaxial
cell with two back-pressure systems. Drained triaxial com-
pression tests were conducted under confining pressures of
100, 200 and 400kPa and axial strain rate equal to
0.1%/min, without initial saturation and consolidation. The
dynamic properties of the grouted sands were investigated at
confining pressures up to 400kPa by conducting torsional
resonant column tests for a shear strain range, y, of ap-
proximately 5*¥10° % to 5%1072 %. Testing procedures and
interpretation of raw data complied with well established
methods (Pantazopoulos and Atmatzidis 2012). For compare-
son, similar tests were conducted on clean sands.

3  COEFFICIENT OF PERMEABILITY

The coefficient of permeability values of all grouted sands
tested are presented in Figure 2 with respect to W/C ratio,
bleed capacity and maximum cement grain size of the sus-
pensions. The coefficient of permeability decreases consid-
erably (by about 5 orders of magnitude) as the W/C ratio
decreases from 3 to 0.6 and attains a value of about 107
to108cm/s indicating practically impermeable materials. The
permeability of the grouted sands appears not to be affected
by the cement grain size. Evaluation of the permeability of
the grouted sands in terms of grout bleed capacity indicates a
similar trend as with the W/C, but allows some observations
to be made in terms of the effect of cement grain size. For
cement grouts with dmax equal to 100pm and 40um, the coef-
ficient of permeability of the grouted sands attained values in
the range of 107 to 10%m/s and 1073 to 10™*cm/s, for grout
bleed capacity ranging from 6% to 30% and from 48% to
68%, respectively. Sands injected with microfine cement
grouts (dmax=20pm and 10uym) obtained, generally, higher
coefficients of permeability, by half to one order of magni-
tude, compared to sands grouted with the coarser cement
suspensions, for similar bleed capacities. This is reasonable
and can be attributed to the increased amount of coarse-
grained cement needed to obtain the same bleed capacity
with suspensions of microfine cements. It should also be
noted that (a) similar coefficient of permeability values (107
to 108 cm/s) are obtained when injecting with stable or un-
stable suspensions for bleed capacity values up to 30% and
(b) for higher bleed capacity values, the coefficient of perme-
ability of the grouted sand decreases dramatically but re-
mains in the range of 10™ to 103cm/s.

4  UNCONFINED COMPRESSION STRENGTH

The results presented in Figure 3 indicate that the unconfined
compression strength of the grouted sands increases signif-
cantly with decreasing W/C ratio of the grouts, as verified by
other research efforts (i.e. Dano et al. 2004) and seems not
to affected by cement grain size. However, the effect of ce-
ment grain size can be clearly demonstrated in terms of grout
bleed capacity. The unconfined compression strength of the
grouted sands is very well correlated with grout bleed capac-
ity of both the coarse-grained cements (dmax=100 and 40um)
and the microfine cements (dmax=20 and 10um) but, defi-
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nitely, microfine cement grouts with the same bleed capacity
as cement grouts yield significantly lower grouted sand
strength. As with permeability, this can be attributed to the
increased amount of coarse-grained cement needed to obtain
the same bleed capacity as microfine cement suspensions.
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Figure 2. Effect of grout W/C ratio and bleed capacity on the
permeability of cement grouted sands.

5 SHEAR STRENGTH

The shear strength of the grouted sand specimens is ex-
pressed in terms of internal friction angle and cohesion, by
applying the Mohr-Coulomb failure criterion. As indicated in
Figure 4, the internal friction angle ranged from 40° to 50°
and the effect of W/C ratio, bleed capacity and cement grain
size appear to be insignificant. In general, the internal friction
angle of the grouted sands was up to 5° higher than the
value obtained for clean sands. The cohesion of the grouted
sands is strongly affected both by the W/C ratio and by the
bleed capacity of the grouts. As shown in Figure 5, the cohe-
sion values of the grouted sands ranged from 600kPa to
1450kPa, from 300kPa to 500kPa and from 50kPa to 250kPa,
for W/C ratios equal to 1, 2 and 3, respectively. Furthermore,
grouted sands injected with stable grouts (bleed capacity
values less than 5%) obtained the highest cohesion values
ranging from 1200kPa to 1450kPa. Increased bleed capacity
values (unstable suspensions) in the range of 15% to 65%,
leads to an almost linear decrease of the cohesion values
from 800kPa to 100kPa. The effect of cement grain size on
grouted sand cohesion, as shown in Figure 5, where the mi-
crofine cements exhibit higher values of cohesion than the
coarse-grained cements, by 40% to 150%, is misleading
since the suspensions used had different bleed capacities for
the same W/C ratio. For example, at W/C ratio equal to 1, the
microfine cement suspensions are stable (bleed capacity <
4%) and fill the sand voids with cement more completely and
uniformily than the coarse cement suspensions with W/C=1
(bleed capacity >16%).




40

FA

E 35 EA dmax
g [ A 100pm - 40um
3 30 § ©20pm - 10pm
< r
o a5 [ 4
o [
@
o 20 f §
Q.
£
S 15 |
E A
£ 10f é
c
o
2

5[
= r & A

ok ; ‘ g ‘ 4

0.5 1 15 2 25 3 35
Water-to-cement ratio, W/C
40
A

/(? 35 [ A dmax
% A 100um - 40pum
= 20 A 0 20um - 10um
3 L
£
225
3
@ 3 A A
52 2 4
E A
o
el
(]
c
=
=
[o]
o
=
=]

o AAA
5 r A A
A A
Q A
[e]
o ‘ g ‘ & Mo 8 a
0 10 20 30 40 50 60 70

Bleed capacity (%)

Figure 3. Effect of grout W/C ratio and bleed capacity on the
unconfined compression strength of cement grouted sands.

6 SHEAR MODULUS

Presented in Figure 6 are typical results obtained for the
shear modulus, G, of grouted sands at a confining pressure
equal to 50kPa and shear strain equal to 10°%. The effect of
confining pressure is not pronounced for the grouted sands
tested (Pantazopoulos and Atmatzidis 2012). As shown in
Figure 6, the shear modulus values decrease, from 4.1GPa to
1.5 GPa, with increasing W/C ratio, from 0.6 to 3. The shear
modulus values of the clean sands did not exceed 170MPa,
indicating an improvement up to 25 times by grouting. The
effect of grout bleed capacity on the shear modulus of
grouted sand is clearly depicted in Figure 6, where it can be
observed that above a bleed capacity value of about 30%,
the shear modulus of the grouted sand decreases sharply by
about 40%. Cement grain size seems to have a measurable
effect on the shear modulus values of the grouted sands. For
similar bleed capacity values, the sands grouted with micro-
fine cement grouts have lower shear modulus values, by 15%
to 30%, compared to sands grouted with coarse-grained ce-
ment grouts.

7  DAMPING RATIO

The damping ratio values of the grouted sands are presented
in Figure 7 for a confining pressure equal to 50kPa and shear
strain equal to 103%. The effect of shear strain and confining
pressure on the grouted sand damping ratio has been pre-
sented elsewhere (Pantazopoulos and Atmatzidis 2012). In
general, the values obtained ranged from 0.5% to 8.0%, in-
creased with increasing shear rate (from 5*%10°% to 5*%10°
29%) and decreased with increasing confining pressure (from
50kPa to 400kPa). The grout W/C ratio has a measurable
effect on the damping ratio values of the grouted sands,
which have a tendency to increase with increasing W/C ratio.
The effect of grout bleed capacity on the damping ratio of the
grouted sand appears to be less dominant, mainly for coarse-
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Figure 4. Effect of grout W/C ratio and bleed capacity on the
internal friction angle of cement grouted sands.
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Figure 5. Effect of grout W/C ratio and bleed capacity on the
cohesion of cement grouted sands.

grained cements. For microfine cements there is a tendency
for the damping ratio of the grouted sands to increase with
increasing bleed capacity of the grouts. Even though the
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45 available data are limited, grouted sands injected with stable

A b4 dmax grouts (bleed capacity less than 5%) of microfine cements

E A 4100um - 40um indicated damping ratios lower by 50% than those for grout-

a5 g 0 20pm - 10pm ing with unstable grouts. The damping ratios of the clean

o sands (for confining pressure and shear strain equal to 50kPa

Y M o and 1073%, respectively) did not exceed 0.5%, indicating an

425 f improvement up to 10 times by grouting.
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1 the following major conclusions may be advanced:
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45 not be an indicator of grout effectiveness since similar ef-
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Effectiveness of In-soil Seismic Isolation taking
into account of Soil-Structure Interaction

Efficacité d’ Isolement sismique dans le Sol tenant
compte de l'interaction du Sol avec la Structure

A. K. Tsatsis, I. C. Anastasopoulos, F. L. Gelagoti & R. S.
Kourkoulis
Laboratory of Soil Mechanics, National Technical University of
Athens

ABSTRACT: In the present study an innovative seismic isola-
tion method is proposed that introduces a sliding surface
within the foundation soil. The sliding surface comprises of
two synthetic liner layers at contact with each other creating
an interface of small friction that enfolds the foundation soil.
The effectiveness of the isolation system is explored as a
function of the earthquake intensity accounting for soil-
structure-interaction phenomena. It is shown that the pro-
posed system serves as a fuse mechanism within the soil
and substantially reduces the acceleration transmitted onto
the structure. The isolated structure may be subjected to
increased differential lateral displacement, due to sliding at
the isolation interface — something that has to be considered
in the design.

RESUME : Dans cette étude une méthode innovante d'isole-
ment sismique est proposé, composé d’une surface de glisse-
ment dans le sol. La surface de glissement se compose de
deux couches de revétement synthétique, caractérisé d’une
résistance réduite. L'efficacité du systéme proposé est ex-
plorée en fonction de I'intensité sismique. Il est démontré que
le systéme proposé acte comme un mécanisme fusible dans
le sol, réduisant considérablement lI'accélération transmise
sur la structure. La structure isolée peut étre soumis a un
déplacement différentiel latérale, en raison de glissement a
I'interface d'isolation - quelque chose que doit étre pris en
compte dans le désign.

KEYWORDS:
synthetic liner

soil-structure interaction; in-soil isolation;

INTRODUCTION

In the present study an isolation method is proposed that
introduces a sliding surface within the foundation soil. The
sliding surface comprises two layers of a smooth synthetic
liner in contact with each other. Yegian et al. (2004a) were
the first to propose the application of synthetic liners just
below the foundation with the intention to introduce, an inter-
face of small friction coefficient upon witch the structure
would slide as a rigid block. To determine the properties of
the interface, shaking table tests were conducted, concluding
that the static and dynamic friction coefficient is of the order
of 0.10 and 0.07, respectively. The same researchers (Yegian
et al., 2004b) investigated the idea of such a sliding surface
within the foundation soil, forming an isolated soil prism of
ellipsoidal shape.

Based on this idea, Georgarakos & Gazetas (2006) parametri-
cally investigated the effect of the sliding surface geometry
on the seismic response. Several geometries were investi-
gated, ranging from cyndrical, to basin-shaped, trapezoidal,
and trapezoidal with wedges. The latter was found to be the
optimum solution, providing the restoring force of the cylin-
drical surface, while being significantly easier to construct.
The systems functionality is based on the ability of the iso-
lated soil to slide on the synthetic liner, while the two wedges
offer the necessary restoring force through their weight. The
response of this system can be seen as mechanically analo-
gous to a mass sliding on a horizontal surface, being re-
strained by two springs that work only when compressed.

The investigated system is schematically illustrated in Figure
1. The geometry of the isolation system is trapezoidal, with
isolated wedges on the two sides. The synthetic liners are

placed at a depth H = 2 m under the surface. The slope of
the excavation trench is assumed equal to 1:1 - a realistic
assumption for relatively competent soil. The isolated em-
bankment comprises a dense gravel layer. The latter is mod-
eled with a nonlinear constitutive model, with a Mohr-Cou-
lomb failure criterion and non-associative flow rule. A rather
large Young’s modulus E = 500 MPa is assumed, while the
friction and dilation angles are equal to ¢ = 48° and y = 15°,
respectively. The two wedges are filled with pumice, a light-
weight material of density p = 1 Mg/m?® and relatively small
stiffness E = 10 MPa, in order to impose the minimum possi-
ble resistance to the sliding motion of the embankment.

Figure 1. Schematic illustration of the in-soil isolation system
under consideration.

The superstructure, an idealized bridge pier (for simplicity), is
placed on top of the isolated embankment. The bridge pier is
designed according to EC8, assuming a design acceleration
agr = 0.24g and behavior factor g = 2. Having an elastic natu-
ral period T = 0.48 sec, the design spectral acceleration is
equal to SA = 0.3g. In order to undertake the resulting de-
sign bending moment M, = 43 MNm, a longitudinal rein-
forcement of 100®32 is required, combined with transversal
reinforcement of ®32/8cm.

2 NUMERICAL METHODOLOGY

The problem is analyzed employing the finite element code
ABAQUS. The geometry and the key aspects of the model
used in the analyses are presented in Figure 2. Assuming
plain strain conditions, a representative “slice” of the soil-
foundation-structure system is examined, taking account of
material (soil and superstructure) and geometric (footing
uplift, sliding, and P-0 effects) nonlinearities.

Pier:

/ nonlinearbeam elements

. ) Footing:
Foundation-soil elastic 4-node elements

interface

T

Syntheticliners &

H Zlsas -

Surrounding soil: nonlinear4-node elements

e m e

A A A A A A A A
- o i -~ Rl - e -~

Figure 2. The finite element model used in the analyses: plain
strain conditions are assumed, considering material (soil and
superstructure) and geometrical (sliding, P-A phenomena)
nonlinearities.

The soil is modeled with 4-noded continuum elements. The
soil behavior is modeled through a nonlinear constitutive
model with Von Mises failure criterion, nonlinear kinematic
hardening and associated plastic flow rule. The footing is
modeled with elastic 4-noded continuum elements with E =
30 GPa. Beam elements are used for the pier, with their
nonlinear behavior being modeled with a kinematic hardening
model (Gerolymos et al., 2005), similar to that of the soil.
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Model parameters are calibrated against moment-curvature
relations of the reinforced concrete pier, computed through
section analysis utilizing the XTRACT software (Imbsen &
Assoc., 2004). The deck is represented by a mass element,
and the contact between the different parts of the model
(footing, embankment, wedges, surrounding soil) is modeled
with a special interface that allows realistic simulation of pos-
sible sliding and detachment.

3 DYNAMIC RESPONSE OF THE ISOLATION SYSTEM

Initially, the in-soil isolation system is subjected to idealized
Ricker pulses of characteristic frequency f = 2 Hz and gradu-
ally increasing maximum acceleration (0.1g to 0.5g). Both
the fully SSI problem as well as the free-field problem (i.e.,
ignoring the presence of the superstructure) are analyzed.

In Figure 3 the response of the isolation system is presented
in terms of maximum acceleration at the top of the isolated
embankment with respect to the maximum acceleration at
the surface of the non isolated free-field (PGA), both in and
without the presence of the pier. Evidently, the effectiveness
of the in-soil isolation system depends on the presence of the
superstructure. Maxi-mum acceleration at the top of the iso-
lated embankment does not exceed 0.2 g without the super-
structure on top. On the other hand, the presence of the pier
leads to an increase in the acceleration, which in this case
ranges between 0.28 g and 0.33 g.

AP
|

Ricker
f=2Hz
Omax=0.1+0.5g
04 4

02 1 .’_’.,_,.’——l———/l

(9)

0.1

< superstructure

B free-field

0 T T T T T 1
0.2 0.3 0.4 0.5 0.6 0.7 0.8

PGA(g)

Figure 3. Maximum acceleration at the top of the isolated
embankment with respect to the maximum acceleration at
the surface of the non isolated free-field (PGA), with and
without the presence of the pier. The bedrock excitation is an
idealized Ricker wavelet of characteristic frequency f = 2 Hz,
and gradually increasing maximum acceleration (from 0.1g to
0.59).

In Figure 4 the deformed mesh with superimposed displace-
ment contours, showing the deformation of the system when
in the presence of the pier and without it. The deformation
scale factor applied is deliberately large, in order to highlight
the difference between the two cases examined. Observe the
aforementioned increase in the acceleration that passes
through the isolation layer, which is due to its deformation by
the vertical pressures which are imposed by the weight of the
pier. As a result, the isolated embankment is forced to slide
on a curved surface, rather than a horizontal one. Conse-
quently, the acceleration that is required for slippage is in-
creased substantially, reducing the effectiveness of the isola-
tion system.
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Figure 4. Deformed mesh with superimposed vertical dis-
placement contours considering the superstructure on top of
the isolated embankment and without it. (deformation scale

factor = 100).

4  EFFECTIVENESS OF IN-SOIL SEISMIC ISOLATION SYS-
TEM SUBJECTED TO REAL RECORDS

The model is subjected to a seismic scenario significantly
exceeding the design. The Takatori record (Kobe, Japan
1995) is used as seismic excitation. As seen in Figure 5, the
Takatori record is a quite adverse case seismic event: the
maximum recorded acceleration was 0.61g, while their spec-
tral values substantially exceed the de-sign accelerations of
the pier throughout the entire period range.

In Figure 6a comparison between the response of the isolated
pier using the in-soil isolation system and the response of the
conventionally designed pier subjected to the Takatori record
is presented. Figure 6a compares the acceleration time histo-
ries at the base of the pier for each of the two alternatives.
Notice that without the pro-posed seismic isolation, the pier is
subjected to a maxi-mum acceleration of almost 1 g. On the
other hand, the favorable effect of the application of the in-
soil isolation system becomes apparent, since in that case the
pier is subjected to maximum acceleration of only 0.35 g at
its base. This decrease in the maximum acceleration may not
be adequate to reduce the required reinforcement of the pier,
yet it proves to be salutary for the survival of the pier.

As depicted in Figure 6b, where the bending moment-
curvature response at the base of the pier is presented, plas-
tic hinging quickly forms at the base of the pier, leading to
intense accumulation of curvature, than in turn causes the
pier to exhaust its ductility capacity and ultimately to col-
lapse. In stark contrast, the seismically isolated pier may
reach the moment capacity, yet there is no significant inelas-
tic response, indicating that the pier remains almost intact
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Figure 5. The Takatori record from the Kobe earthquake (Japan 1995) and its elastic response spectrum compared to
the pier design spectrum.
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Figure 6. Comparison of the two alternatives: conventionally designed pier response versus pier response with applica-
tion of the in-soil isolation system (a) Acceleration time histories at the base of the pier. (b) Moment - curvature re-
sponse at the pier base and (c) time histories of deck drift A.
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after the end of the excitation. Finally, in Figure 6c the time
histories of deck drift A are presented. The conventionally
designed pier accumulates horizontal offset towards the one
direction and ultimately collapses. On the other hand, the
pier founded on the in-soil seismic isolation system survives
this extremely strong seismic scenario with maximum drift
during the excitation A = 0.1 m, and consequently with lim-
ited if any damage. In summary, the in-soil seismic isolation
system proves to be an effective measure of fuse mechanism,
in case of an extreme seismic loading, preventing pier col-
lapse.
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-0.3 A1

-0.4 T T T T |
0 5 10 15 20 25
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Figure 7. Time history of the relative displacement of the em-
bankment top compared to the non isolated free field.

The beneficial function of the in-soil isolation system comes,
however, with a drawback. The system is designed to impose
a cut-off at the acceleration that is transmitted to the super-
structure, materialized through embankment sliding. This
means that excessive slip displacement may occur at the syn-
thetic liner layer that translates to significant relative dis-
placement of the structure compared to the non isolated free-
field soil surface. This may be of importance, especially for
long structures, such as bridges, where the superstructure is
founded on several supports that cannot be isolated at the
exactly the same manner. In Figure 7, the time history of the
relative diplacement of the empbankment surface compared
to that of free field is presented. During this admittedly ex-
cessively strong seismic shaking, the embankment is sub-
jected to a significant relative dispalcment compared to the
non isolated free-field, with a maximum diplacement Ad =
0.3 m. Although such a diffrential displacement may be toler-
able, it has to be carefully taken into account during design.

4  CONCLUSIONS

The main conclusions of this study can be summarized as
follows:

e The application of the in-soil isolation system proves to
have a rather beneficial effect on the seismic performance
of the superstructure (at least for the idealised bridge pier
examined herein). Although the decrease of the maximum
acceleration that is transmitted to the superstructure is
not adequate to allow the design of the pier for reduced
seismic loads, it proves to quite effective in ensuring its
survivability.

e The effectiveness of the isolation system depends on the
presence of the superstructure. The sliding surface is
curved due to the pier imposed additional stresses, de-
manding in this case from the isolated embankment to
slide on an inclined surface rather than a horizontal one.
As a result, the acceleration needed for the slip displace-
ment to occur increases, rendering the isolation system
less effective

e Since this isolation system relies on slip displacement at
the base of the isolated embankment to impose a cut-off
at the transmitting onto the superstructure accelerations,
significant relative to the non isolated free field should be
expected and taken into account during design.
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stone column ground improvement

Fondation de pont sur alluvions trés molles et
amélioration du sol avec des colonnes ballastées

G. J. Vlavianos Civil Engineer, M.Sc., & A.K. Marinelli Civil
Engineer, Ph.D.
Ministry of Development, Competitiveness, Infrastructure,
Transport and Networks, Greece

K. Andrianopoulos
Civil Engineer, Ph.D.

S. Foti
Geologist, Ph.D.- Civil Engineer, B.Sc., Geosynolo Ltd.

ABSTRACT: The present paper proposes technical solutions
for a road design project comprising both bridges and high
embankments in the Region of Western Greece, where ma-
jor geotechnical issues had to be dealt with. The very low
P-y reaction of the soft silty clays and the eventual liquefac-
tion of the silty sand layers embedded within the foundation
soil, the high ground water table and the high seismicity of
the area, led to the decision to improve the top part of the
natural soil given the necessity for an acceptable solution in
terms of both dimensions and cost. Among other possible
methods of soil improvement, the application of stone col-
umns followed by preloading was selected. A comparative
parametric stability analysis of the bridge embankments
and the pile foundations for bridge piers, with or without
the presence of stone columns, quantified the benefits from
the proposed ground improvement method and verified that
the completion of this project is feasible within acceptable
performance, safety and cost limits.

RESUME : La présente communication propose des solu-
tions techniques pour |'élaboration d’un projet des routes
qui contient des ponts et des hauts remblais dans la région
de la Grece occidentale ol des problemes géotechniques
importants fallait étre confrontés. La trés basse réaction P-y
des argiles limoneuses molles et la liquéfaction éventuelle
des couches du terrain formées de sables limoneux qui sont
contenues dans le sol de la fondation, la nappe phréatique
élevée et la haute séismicité de la région, ont conduit a la
décision d’améliorer la partie supérieure du sol naturel en
prenant en considération la nécessité de trouver une solu-
tion acceptable en ce qui concerne les dimensions et le
co(t. Permis d’autres méthodes d’amélioration du sol, il a
été choisie celle des colonnes ballastées suivie d’un charge-
ment préalable du sol. Une analyse paramétrique compara-
tive de stabilité des remblais des ponts et des fondations
sur pieux des piliers des ponts avec ou sans la présence des
colonnes ballastées, présente quantitativement des profits
obtenus par I'utilisation de la méthode d’amélioration du sol
proposée et vérifie que I'achévement de ce projet est réa-
lisable avec une performance acceptable, sécurité et co(it
limité.

KEYWORDS: road project, bridge foundation, soft alluvia,
liquefaction, ground improvement, stone column, preload-

ing.
1 INTRODUCTION

A significant project for road infrastructure is currently un-
der way in western Greece, perfecture of Aitoloakarnania,
concerning the construction of a 13,1km part of a public
provincial road connecting the municipality of Astakos to
the bridge of Gouria.

Owner of the project is the Greek State and the Supervising
Authority is the Directorate of Studies for Road Works,
General Directorate of Road Works, Ministry of Develop-
ment, Competitiveness, Infrastructure, Transport and Net-
works. Following the necessary competitive procedure, the
design of the project was assigned to a joint scheme of
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specialized design offices, covering the involved scientific
areas.

This paper focuses on the technical solutions proposed for
the geotechnical issues that arose with reference to the
stability of embankments and bridge foundation.

2 PROJECT OVERVIEW

The importance of this project lies in its expected contribu-
tion to the improvement of road access towards western
Aitoloakarnania and mainly the touristic zone of Astakos-
Mytikas-Palairos. It is also anticipated to take over some of
the traffic load of other local axis and to support the in-
crease in use of an existing tunnel nearby. What is more
important though, is the expected traffic load assumption
for the shipbuilding and industrial zone of Astakos, which in
the future will be the base for development in the whole
area.

The realization of the project will improve the accessibility
of the area and will facilitate road connection between cities
and existing or planned infrastructure, decreasing time de-
mands and improving safety and comfort requirements

This road axis under study forms a part of the connection of
Astakos and the port of Platygiali with the major motorway
of “Ionia Odos”, passing through the bridge of Gouria and
the existing tunnel of Saint Elias. The road section is 11,0m
wide (1 lane per direction). From geotechnical point of
view, it is to be mentioned that the whole project comprises
6 bridges (15-105m long) and a significant length of em-
bankments between 2 and 7 meters high.

Major geological and geotechnical issues that arise for the
last 10km of the road are related to the very low altitude of
the ground and the lack of inclination, the high ground wa-
ter table, the insufficient drainage system and the presence
of silty clays and sands, often with high content of organics.
The whole situation is aggravated by the liquefaction poten-
tial of the silty sand layers embedded within the foundation
soil, in connection with the high seismicity of the area.

During the preliminary design stages, it became obvious
that the most significant geotechnical problems for the re-
alization of the project would be related to the load bearing
capacity of the soil, the expected subsidence under static
loading and the eventual liquefaction phenomena.

3 GEOTECHNICAL CONDITIONS

The area where the bridge foundation will be constructed
consists of soft and compressible saturated alluvial soils,
while the water table is located at ground level. The prevail-
ing geotechnical conditions at these areas can be simplified
in two main profiles.

Soil profile T (Fig. 1) is encountered in the majority of the
bridge sites. Its main characteristic is the surficial layer of
fine-grained medium plasticity soil. According to the geo-
technical exploration results, this soil layer consists mainly
of low to medium plasticity silts (ML) and clays (CL), with
thin layers of high plasticity silts (MH), fat clays (CH) and
organic clays (OL). The thickness of this layer varies be-
tween about 22.5 to 35m. Below this layer, to the depth of
40m, either a medium to dense non-cohesive soil unit (SC,
SM) or a dense cohesive soil unit (CL) are present. Rock or
any other rock-like geological formation was not encoun-
tered at any of the locations explored.

Figure 2 presents an estimation of the undrained shear
strength of the surficial fine-grained soil unit of Profile I,
based on the results of typical CPT & SPT recordings. An
estimation of undrained shear strength for normally con-
solidated clays is also presented, based on Jamiolkowski et
al. (1985) (see Eq.1):
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Sy =0.250" v (1)

where o'y, is the geostatic effective vertical stress. Com-
paring these two estimations, it is concluded that the surfi-
cial fine-grained layer is normally or even at some depths
under-consolidated, with low values of undrained shear
strength. Thus, the bearing capacity of this formation is
considered low and significant settlements are expected
during loading, with the necessary consolidation time to
exceed the acceptable time limits (horizontal coefficient of
consolidation ranging between c,=7x107 - 9x10°® m?/sec
based on CPTu dissipation tests). The lateral resistance of
this layer is also considered very low, leading to large hori-
zontal displacements and structural forces, especially dur-
ing seismic loading.
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Figure 1: Representative geotechnical profiles
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Figure 2: Distribution of undrained shear strength with
depth for profile I conditions, before and after the im-
provement

With regard to the seismic response, profile I belongs to
group type S1 according to EC8. The average shear wave
velocity Vs30 generally ranges between 85 and 140m/sec,
as computed from the CPT recordings:

Gmaxo = (G — 0,)X0.0188x100-551c+1.68 )

where I. is a soil behavior type index (Robertson, 2009).
Thus, special study is required for the definition of the
seismic action, which will take into account the non-linear
response of the soil layers and the dependence of soil
moduli and internal damping on cyclic strain amplitude.

Profile IT (Fig. 1) represents the soil conditions prevailing at
one bridge site. The soil conditions resemble those of Profile
I, with the exception of an 8m thick layer of loose silty sand
that interrupts the surficial fine-grained formation. This
non-cohesive formation (SM according to USCS) is rela-
tively close to ground surface (at the depth of 7m), while it
is classified as non-plastic, with fines content between 7
and 20% and potentially liquefiable under seismic condi-
tions.

A preliminary liquefaction analysis with NCEER methodology
(Youd et al. 2001) for CPT recordings revealed that this
non-cohesive formation is liquefiable. As shown in Fig. 4,
the factor of safety against liquefaction is well below unity
for the silty sand layer, revealing its high liquefaction po-
tential. Hence, although this soil layer presents higher stiff-
ness (Vs3=140m/s) and bearing capacity for static loading,
as compared to the clay layer, its liquefaction potential de-
teriorates its mechanical properties. Thus, during earth-
quake loading, loss of bearing capacity, lateral stiffness
degradation and settlements are expected to occur, in-
creasing this way superstructure displacements and struc-
tural forces. Furthermore, Profile II is now characterized as
Group type S2 according to EC8 and special study is needed
to define the seismic action and the exact liquefaction po-
tential.

4  DESIGN CONCEPT

As a result of the existing poor soil conditions, the founda-
tion of the foreseen bridge piers on surface foundations was
excluded and was replaced by a group of piles with a rigid
pile cap. However, due to the high seismicity of the area,
the very low P-y reaction of the soft silty clays and the
eventual liquefaction of the silty sand layer led to extreme
internal forces of the piles and increased disproportionally
the cost of the project. Hence, the necessity of an accept-
able solution in terms of both dimensions and cost, led to
the decision to improve the top part of the natural soil.

Among a number of possible methods of soil improvement
that were examined, it was decided to proceed with the
application of gravel piles followed by preloading. Plastic
drains are also prescribed to act as secondary drainage
system for greater soil depths.

The main aim of pre-loading was to increase the undrained
shear strength of the surficial fine-grained soil unit. The
improved undrained shear strength (when the increase of
effective stress due to surcharge exceeded 10% of its initial
value), was estimated according to Eq. 4:

Sus = Suo OCR?® (3)

with S, , reflecting the anticipated undrained shear strength
for normally consolidated clays (see Eq. 2). The increase of
effective vertical stress at each depth was computed ac-
cording to the well known Westergaard solutions, taking
into account the increase of soil stiffness at upper layers,
where gravel pile installation accompanies preloading. The
effect of pre-loading reduces with depth, while a percentage
of the surcharge load is used for the increase of OCR, due
to the distribution of the external load between gravel piles
and original soil. Despite that, the anticipated increase of
undrained shear strength at upper layers (i.e. at layers that
are crucial for the overall safety of the bridge embank-
ments) is considered substantial, while its secondary effects
such as the acceleration of consolidation at layers that were
found under-consolidated and the reduction of downdrag
forces at piles (i.e. by allowing the consolidating soil to set-
tle before construction) increase its efficiency. The pre-
scribed pre-loading embankment were wider from the
bridge embankment / pile cap by 2.5-3.0m at each side, in
order to apply uniform stress at the area of interest, while
its height generally varies between 3 and 7m.
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Stage construction of pre-loading embankment was decided
(with height increments between 1.5-2.0m), due to the
poor soil conditions, followed by continuous settlement and
pore-pressure dissipation recordings. Figure 2 presents the
anticipated final (after improvement) distribution of S, with
depth for the CPT recording presented in Section 3.

Gravel pile installment is prescribed ahead of preloading,
consisting of 0.80m diameter piles in a 1.80 x 1.80m
square arrangement (denoting replacement percentage
equal to a;= 0.78x (0.8/1.8)?> =15.4%). Gravel pile length
varies between 8 and 13m, depending on soil conditions.

The installation of gravel piles increased the mechanical
properties of the upper cohesive fine-grained layers and
subsequently increased the general stability of bridge &
preloading embankments. The following equivalent strength
parameters were used (Van Impe & De Beer, 1983):

Ceq = (1-as) Syuf  (4a)
tan@eq = [nas /(nas +1 -as)Jtan@; (4b)

where c.q & @oq denote the equivalent cohesion & friction
angle of the composite system respectively, ¢, denotes the
friction angle of gravels (assumed equal to 42°), as denotes
the replacement ratio (equal to 0.154) and n denotes the
ratio of the load taken by the gravel pile versus the sur-
charge load. The contribution of geostatic stresses is omit-
ted; while outside the embankment limits (where no sur-
charge is applied) n equals 1.0. The improved shear
strength of the composite system, combined with the in-
crease of the undrained shear strength due to preloading
proved adequate for the construction of the bridge em-
bankments with acceptable factor of safety under both
static and seismic conditions (e.g. the static F.S. increased
from 0.64 to 1.51 for a representative height of 4m).

Note that, besides the improvement of shear strength char-
acteristics, the inclusion of gravel columns combined with
pre-loading has altered the seismic ground response rela-
tive to free-field. In order to take into account this effect,
the shear wave velocity and the spring stiffness in P-y
curves of the relevant soil layers were appropriately in-
creased. Namely, the formula presented by Baez & Martin
(1993) was used for the estimation of the maximum shear
modulus of the composite system:

Gmax,eq = Gmax,i as + Gmax,p (1'35) (5)

where Gnaxes IS the maximum equivalent shear modulus,
Gmax,i is the maximum shear modulus of the fine-grained
layer after preloading, Gmax, is the maximum shear
modulus of the gravel pile and as is the replacement ratio
(here 0.154). The maximum shear modulus of the fine-
grained layer after pre-loading was computed as follows
(Weiler, 1988):

Gmax,i = Gmax,o OCRO'S (6)

where Gmax,o is the maximum shear modulus of unimproved
soil, as computed by Eg. 2. The maximum shear modulus of
the gravel pile was computed assuming a dense configura-
tion (e=0.55). Figure 3 presents the shear wave velocity
profile of the composite system for the CPT recording of
Fig. 1. The average shear wave velocity Vs 3, for this profile
increased from 86 to 140m/s, reflecting stiffer ground con-
ditions. This increase was also implemented to the P-y
curves, by increasing the horizontal subgrade reaction coef-
ficient k. The increase was assumed proportional to the
ratio Gmax,ea/ Gmax,0, While for the unimproved soil coefficient
k was computed according to DIN4014 for bored cast-in-
place piles.

For the case of Profile II, where a non-cohesive liquefiable
layer is present, the gravel piles are expected to act as a
countermeasure against liquefaction. The gravel piles will
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be constructed via bottom-feed vibro-replacement, while a
proper gradation curve range is prescribed in order to en-
sure the effective drainage of earthquake-induced excess
pore-pressures. During vibro-replacement, the non-
cohesive layer is expected to be densified and increase its
resistance to liquefaction. Based on Mizuno et al. (1987),
the average measured tip resistance is expected to increase
between gravel piles from 4.5MPa to 9.5MPa, providing an
adequate liquefaction resistance. Figure 4 compares results
from the preliminary (before improvement) and the detailed
(after ground improvement) liquefaction study, which show
the minimization of liquefaction potential. The densification
of the non-cohesive layer due to pre-loading and the poten-
tial dissipation of excess pore pressures were conserva-
tively ignored. It is noted that even if densification was ig-
nored, drainage through gravel piles would retain excess
pore pressure ratio r, well below 0.5, as computed accord-
ing to Seed & Booker (1977) and Bouckovalas et al. (2011)
for the given characteristics and gravel pile geometry.
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Figure 3: Distribution of shear wave velocity with depth for
profile I, before and after the improvement
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Figure 4: Factor of safety against liquefaction for Profile II,
before (preliminary results) and after improvement (de-
tailed study).

Finally, consolidation process is expected to be accelerated
with the presence of gravel piles. Excess pore pressures for
each loading stage are expected to diminish within 19 days,
assuming conservatively only radial flow towards the gravel
piles and horizontal coefficient of consolidation equal to
ch=7x107m/s?. The actual consolidation time is expected to
be even lower, considering the actual 2D water flow, the
presence of horizontal layers of higher permeability and the




additional discharge from the secondary pipe drains that
are prescribed.

5 SEISMIC GROUND RESPONSE ANALYSES

Besides ground improvement, detailed ground response
analyses were also crucial for the successful completion of
the project. Since, both Profile I & II belong to group type
S1 & S2 according to EC8, special study was necessary to
define the proper seismic action and the exact liquefaction
potential. Thus, 1D equivalent linear analyses were per-
formed with the equivalent-linear frequency domain
method (e.g. Schnabel et al. 1972). Modulus reduction and
hysteretic damping curves were used as a function of cyclic
strain amplitude (Vucetic & Dobry, 1991), and introduced
the non-linear behavior of soil layers in ground response
analyses, according to its layers’ plasticity index. According
to EC8 provisions, three different accelerograms were used,
which cover a wide range of frequencies and are represen-
tative of the seismic region.

Shear wave velocities of the improved ground were com-
puted according to Eq. 5, while the peak ground accelera-
tion at bedrock outcrop was calibrated to 0.24g, according
to the Greek Annex of EC8 for the area under investigation.
Since no bedrock was found, artificial bedrock was used at
the end of each borehole, while the bedrock shear wave
velocity was assumed to range between 300 and 550m/s,
providing a high impedance ratio compared with the soil
column characteristics. Thus, radiation damping was con-
servatively minimized. Fig. 5 shows representative results
from ground response analyses conducted in Profile II. Sig-
nificant de-amplification of the seismic motion is observed,
due to the flexibility of the soil column but also due to the
non-linearity exhibited by the soil layers. The computed
peak ground acceleration at ground surface ranges between
0.20 to 0.24g, significantly lower from the 0.32g required
by EC8 for the flexible soil type D. Thus, the structural
forces due to seismic loading were significantly reduced,
while the factor of safety against liquefaction was substan-
tially increased.
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Figure 5: Distribution of peak ground acceleration with
depth for Profile II using three different accelerograms.

6 CONCLUSION

The present paper presents details of the technical solution
proposed for a road design project in Western Greece,
where major geotechnical issues had to be dealt with for
the foundation of bridges and high embankments. Geotech-
nical investigations revealed very poor soil conditions con-
sisting of silty clays and sands, often with high content of
organics, and high ground water table that locally appeared
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on the ground surface. As a result, the foundation of fore-
seen bridge piers on surface foundations was excluded and
was replaced by a group of piles with a rigid pile cap.
Among a number of possible methods of soil improvement
that were examined, it was finally decided to proceed with
the application of stone columns followed by preloading.
This way, the following were accomplished:

e increase of the general stability of the bridge embank-
ments

e increase of the bearing capacity of foundation soil lay-
ers

e reduction of internal forces of piles

e acceleration of the stage of primary consolidation of
silty clay-sands and

e reduction of the liquefaction potential of sandy layers.

All of the above effects were verified by site-specific com-
putations and implemented to the design of the relevant
works
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ABSTRACT: The Eurocode for Geotechnical Design, EN-
1997-1:2004, informally known as Eurocode 7 or EC7, was
fully implemented within the European Union in 2010. This
Eurocode is intended to apply to all geotechnical engineer-
ing design, including rock engineering. In recognition that
all codes must continue to evolve in order to remain appli-
cable, and the long time that such evolution takes, work is
already underway under the auspices of the European
Committee for Standardisation, CEN, to identify how the
code should develop for future revisions. This paper pre-
sents a summary of the maintenance procedures for Euro-
codes in general and the specific maintenance work cur-
rently being undertaken on EC7 in respect of rock engineer-
ing design. It also highlights potential future development
of EC7, and the need for enthusiastic involvement by the
European rock engineering community to direct these de-
velopments.

1 INTRODUCTION

Standardisation is an integral part of a number of important
EU policies that are concerned with better regulation, sim-
plification of legislation, increase in competitiveness and
removal of barriers to trade. As a result, the standardisa-
tion process is highly developed with the EU.

In the realm of structural engineering, the standardisation
process has led to the development of a linked coherent set
of standards — the so-called Structural Eurocodes — that
govern construction and design.

In this paper we explain the EU’s standardisation process,
the development and introduction of the standard for Geo-
technical Design, EN-1997-1:2004(CEN, 2004), informally
known as Eurocode 7 or EC7, and the manner in which this
standard is maintained. We present in detail the mainte-

nancework that is currently underway, and highlight some
issues of long-term, and hence future, importance.

2 DEVELOPMENT OF EUROPEAN STANDARDS

Within the EU, the process of standardisation is based on
consensus amongst different groups such as industry and
public authorities, and is undertaken by independent stan-
dards bodies. The development of formal European Stan-
dards (EN) is the responsibility of the European Standards
Organisations (ESO), of which there are three:

- CEN (Comité Européen de Normalisation/European Com-
mittee for Standardisation) which deals with all sectors
except electrotechnology and telecommunication;

- CENELEC (Comité Européen de Normalisation Electro-
technique/European Committee for Electrotechnical Stan-
dardisation) which deals with electrotechnical standards;
and

— ETSI (European Telecommunications Standards Institute)
which covers telecommunications and some aspects of
broadcasting.

In addition to the formal EN standards, these organisations
also produce Technical Specifications, Technical Reports
and Guides.

The organisation that has responsibility for standards that
apply to rock engineering design and construction is CEN.

2.1 CEN and structural Eurocodes

CEN comprises a number ofTechnical Committees, of which
one—CEN/TC250—is responsible for all of the so-called
‘Structural Eurocodes’. These govern all aspects of design
and construction related to structural engineering, including
geotechnical engineering. The tangible history of the Euro-
codes can be traced to 1971, as shown in Table 1.

Table 1. History of Eurocodes.

Year Event

1971 Public Procurements Directive 1971/305 issued

1975 Eurocode development started

1980 International Inquiry with regard to construction
codes performed

1984 First Eurocodes published

1989 Construction Products Directive 1989/106 issued

1990 Work on draft standards (ENVs) started

1992 Publication of ENV Eurocodes commenced

1998 Conversion of ENVs to ENs initiated

2003 EC recommendation on implementation and use
of Eurocodes

2004 Directive on Public Works contracts, Public Supply
contracts and Public Service contracts issued

20006 Publication of ENs completed

2010 Full EN implementation; conflicting National
Standards withdrawn

One aspect of the development shown in Table 1 that is
often not grasped is that in 2010 the EN Eurocodes became
reference design codes for the purposes of the following:
proving compliance with the essential requirements of the
Construction Products Directive; offering a basis for specify-
ing contracts; and, giving a framework for drawing up har-
monised technical specifications for construction. In As a
result, the EN Eurocodes are now the standard technical
specification for all European public works contracts, and all
designs must demonstrate that they are technically equiva-
lent to an EN Eurocode solution. Taken together, these

TA NEA THZ EEEEI'M - Ap. 62 - MAPTIOZ 2014



statements show that it is critical for designers of rock en-
gineering solutions within the European Union to be fully
conversant with the relevant EN Eurocodes.

CEN/TC250 has the responsibility of establishing general
policies, programmes and strategies for the Structural
Eurocodes, and to oversee their implementation. It also
supports and guides its sub-committees in achieving these
policies and objectives during any code drafting work.

The membership of CEN/TC250 and its subcommittees
comprises delegates of the 29 CEN National Members, to-
gether with delegates from the 5 Affiliates (i.e. countries
likely to become members of the EU or EFTA) participating
as observers. The general structure of CEN/TC250 is shown
in Figure 1. In addition to three Horizontal Groups (HG)
that work across subject boundaries and a group (WG1)
that ensure policy, guidelines and procedures are being
followed, there are nine specialist sub-committees each of
which is responsible for a particular Eurocode (Table 2).
Thus, CEN/TC250/SC7 is responsible for Eurocode 7.

| CEN/TC250 |

I Coordination Group
[
[ [ I 1
WG1: Policy, Guidelines HG HG HG
& Procedures Fire Bridges Terminology

| 1 1 1
SC1: SC3: SC5: SCT7: SCe:
EN1991 EN1993 EN1995 EN1997 EN1999

EN1990

ScC2: SC4: SC6: SC8:
EN1992 EN1994 EN1996 EN1998

Figure 1. Structure of CEN/TC/250
(http://eurocodes.jrc.ec.europa.eu).

Table 2.  Sub-committees of CEN/TC250 and the Eurocode
for which they are responsible.

Sub-committee  Eurocode  Title

SC1 EN1991 Actions on structures

SC2 EN1992 Design of concrete structures

SC3 EN1993 Design of steel structures

SC4 EN1994 Design of composite steel
and concrete structures

SC5 EN1995 Design of timber structures

SCo6 EN1996 Design of masonry structures

SC7 EN1997 Geotechnical design

SCR EN1998 Design of structures for
carthquake resistance

SC9 EN1999 Design of aluminium

structures

3 MAINTENANCE OF EUROCODES

In addition to the development of the EN Eurocodes, under
the rules governing the operation of CEN, its committees
and sub-committees, a critical responsibility is that of code
maintenance. This activity is essential in order to preserve
the credibility, integrity and relevance of the Eurocodes, as
well as to ensure that they do not contain errors.

As a balance between the competing desires of frequent
correction and a period of stability that supports industrial
implementation, the normal maintenance cycle has been
set at five years. Maintenance commences as soon as a
draft Eurocode has been accepted (i.e. when an ENV is pub-
lished as an EN), and comprises all activities connected with
the updating of the codes in the light of practical experience
of their use. The maintenance process is illustrated in Fig-
ure 2 and is arranged as follows:
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Figure 2. The Eurocode maintenance work programme
(http://eurocodes.jrc.ec.europa.eu).

- Short term (immediate or within one year). This includes
urgent correction of errors, preparation of essential tech-
nical amendments with regard to urgent matters of
health and safety, essential technical and editorial im-
provements (e.g. mistakes in symbols, typographical
mistakes), elimination of inconsistencies and misleading
statements, and resolution of questions of interpretation,
resulting from feedback from the use of the Eurocodes.

- Medium term (the normal five-year review cycle). Tech-
nical and editorial improvements, the resolution of ques-
tions of interpretation, and requests from industrial or-
ganisations and public authorities fall into this category.
If necessary, a new edition or amendment to the Euro-
codes may be published.

- Long term (greater than five years). This contains mat-
ters relating to development of new items (e.g. emerging
requirements that are not covered by the existing Euro-
codes). It includes new material and concepts that re-
quire research, and thus may be considered as develop-
ment.

Thus, CEN/TC250 is now involved in the first of these five-
year maintenance cycles, the outline programme for which
is shown Table 3.

Table 3. Maintenance programme for the Structural
Eurocodes.

Year Event

2010  March: National Standards withdrawn

2010  May: EU issues programming mandate M/466

2013  October: deadline for receipt of 5-vear review
comments

2015  October: Draft revisions of Eurocodes available

2018  October: Second generation of Eurocodes available

A key event in this cycle is the publication by the EU of Pro-
gramming Mandate M/466. Although broad in its content,
this specifically asked for the following developments:

- reduction in the number of Nationally Determined Pa-
rameters (NDPs);
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- incorporation of results from recent international studies,
including performance-based and sustainability concepts;

- simplification of rules for limited and well identified fields
of application;

- development of auxiliary guidance documents to facilitate
implementation

These all support the principles of maintaining credibility,
integrity and relevance of the Eurocodes.

4 MAINTENANCE OF EUROCODE 7

In response to Programming Mandate M/466, CEN/TC250/
SC7 undertook a survey of National Standards Bodies
(NSBs) in order to identify the key maintenance issues re-
garding EC7. The responses covered the entire range of
geotechnical design, but tended to emphasise soil mechan-
ics issues. The ten most popular topics identified for devel-
opment were:

1. improved guidance on selection of water pressures;
2. simplification/reduction of Design Approaches;

3. guidance on use of numerical modelling;

4. new content regarding reinforced soil;

5. improved general guidance on selecting characteristic
soil parameters;

6. improved link to EC8 for seismic design;
7. harmonisation of NDPs;
8. partial factors for different classes of consequence;

9. removal from EC7 Part 2 of material readily found in
text books; and

10. improved guidance on buoyancy and hydraulic failure.

Despite the use in item 5 of the word ‘soil’, items 2, 3, 5, 6,
7, 8 and 9 are directly relevant to rock engineering.

In late 2011 CEN/TC250/SC7 formed a number of Evolution
Groups (EGs), shown in Table 4, to further identify both the
immediate maintenance requirements and future develop-
ment of EC7. The membership of the EGs comprises over
one hundred experts from industry and academia across
the whole of Europe.

Table 4. EC7 Evolution Groups.

Group Subject Group  Subject

EGO Management and EGI Anchors
oversight

EG2 Maintenance and
simplification

EG4 Numerical methods EGS5

EG3 Model solutions

Reinforced soil

EGo6 Seismic design EG7 Pile design

EGS Harmonisation EG9 Water pressures

EG10  Calculation models EGI11  Characterisation
EG12  Tunnelling EG13  Rock Mechanics

(not convened)
EG14  Ground improvement

The subjects represented by these groups clearly corre-
spond with both the wishes of M/466 (e.g. reduction in
NDPs, simplification of rules for well identified applications)
and the topics identified by the NSBs.

To realise the EGs, in late 2011 SC7 appointed members to
EGO, who in turn identified a small number of initial provi-
sional members for each EG. Following this, and with guid-
ance from EGO, each EG revised and expanded its own
membership. For each EG, the aim has been to ensure rep-
resentation from across as much of Europe as possible,
subject to the constraint of keeping a modest membership.
In accordance with the operating procedures of
CEN/TC250/SC7, the membership of all individuals ap-
pointed to each EG is required to be ratified by the NSB of
the country the individual represents. The current (March
2013) membership of EG 13 is shown in Table 5.

Table 5. Membership of EG13.

Member Country Member Country
L.R. Alejano Spain A. Bedi UK

A. Bond UK A.M. Ferrero Italy
1.P. Harrison UK L. Lamas Portugal
M.R. Migliazza Italy R. Olsson Norway
A. Perucho Spain A. Sofianos Greece
H. Stille Sweden D. Virely France

As for all EGs, the principal duty of EG13 is to produce by
the end of September 2013 a report outlining the medium-
and long-termmaintenance requirements of EC7.

5 THEWORK OF EG13

In order to develop its work programme and hence the
structure its report to EGO, the members of EG 13 sought
comments from rock engineering practitioners, held regular
teleconferences, and on those occasions when circum-
stances permitted (e.g. Eurock 2012) small groups of
members met in person. In addition, liaison with the other
EGs took place both by correspondence and at occasional
Convenors’ Meetings. The work of EG13 is set out below.

5.1 Interaction with other EGs to improve integration of
rock mechanics within EC7

Early in the work of EG13 a general view developed among
the members that the integration of rock engineering within
EC7 was suboptimal. As a result, it was felt that there was
the potential for substantial interaction with the work of the
other EGs. The intention was that such interaction would
help the other EGs recognise the special design challenges
posed by those attributes of fractured rock masses with
which rock engineering designers are familiar (e.g. discon-
tinuities, heterogeneity, anisotropy), thereby improving the
embodiment of rock engineering requirements within EC7.
As a result, interaction took place with EG2, EG3, EG4,
EG8, EG10 and EG11.

5.2 Critical review of EC7 with regard to rock mechanics

As written, although many sections of EC7 are directly ap-
plicable to rock engineering they either omit to specifically
refer to rock engineering or suggest nomenclature, ap-
proaches or techniques that are not in general use in rock
engineering. This has the effect of making EC7 difficult to
apply, or even seemingly inapplicable, to rock engineering.
The first of these shortcomings is unintended, and the sec-
ond manifestly untrue. Thus, a critical review of EC7 was
undertaken, specifically to allow identification and sugges-
tions for improvement of those clauses that are deficient
with respect to rock engineering practice.

5.3 National Annexes
The detail to which rock mechanics and rock engineering is

included within National Annexes varies, possibly as a result
of the varying balance of soils to rock engineering within
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different countries. Given the deficiencies noted in 5.2
above, a review of all NAs was undertaken to identify those
procedures and concepts that could be included within the
main body of the code.

5.4 Vocabulary and definitions

In many places, EC7 uses vocabulary and definitions that
are inconsistent with those generally encountered in rock
engineering. Thus, a thorough review of EC7 was performed
in order to identify all vocabulary and definitions that differ
from those in customary rock engineering use, and make
suggestions for improved wording.

5.5 Design implementation and monitoring

Generally, the rock excavation process (e.g. blasting) leads
to an excavation geometry that differs from the one as-
sumed in the design, and may also reduce the strength and
stiffness of the surrounding rock mass. Consequently, de-
sign implementation is a critical aspect of the rock engi-
neering design process. Associated with this is the issue of
monitoring: instrumentation is installed in many rock slopes
and most underground openings in order to both guide the
construction process and confirm the final performance of
the structure. Although both design implementation and
monitoring procedures are considered briefly in EC7, they
are not covered to the detail required for rock engineering.
As such, recommendations are being made regarding im-
provements to these important aspects.

5.6 Laboratory and field tests

Part 2 of EC7 includes a large number of rock mechanics
laboratory and field tests, but the appropriateness of some
of these and the comprehensiveness of the list (e.g. there
is no guidance on determining the strength of anisotropic
rock) is questionable. A list of recommended rock mechan-
ics laboratory and field tests is thus being prepared.

An additional question is whether—as a reference design
code—it is necessary for EC7 to refer to other ENs, or
whether it can refer to documents such as the ISRM Sug-
gested Methods. This is not a question that EG13 can an-
swer, but it is one that will be presented to SC7.

5.7 Characterisation of rock and rock mass model

Current rock engineering practice is based on the charac-
terisation of rock masses in order to determine appropriate
methods of analysis. Unfortunately, EC7 offers insufficient
guidance on this critical aspect of engineering practice.

The work of EG13 is to review characterisation philosophies
and methods in general rock engineering practice, and
identify those that are suitable for inclusion in EC7. In addi-
tion, recommendations are being made regarding potential
contextual locations (i.e. related to the subject matter, not
absolute section numbers) within EC7 for the inclusion of
guidance on characterisation methods and their use in rock
engineering design.

5.8 Design by prescriptive measures

EC7 suggests that prescriptive measures may be applied in
those situations where calculation models are not neces-
sary, and generally ‘involve conventional and generally con-
servative rules in the design, and attention to specification
and control of materials, workmanship, protection and
maintenance procedures’. Although some countries use
prescriptive measures for some rock engineering designs, in
general it is not clear to which rock engineering situations
this applies or how it connects to the use of empirical or
observational approaches, both or which are widely used in
rock engineering. These issues are being investigated, and
suggestions will be made as to how the concept of prescrip-

tive measures can be clarified and improved with regard to
rock engineering.

5.9 Analytical and empirical model

A spectrum of models ranging from the completely analyti-
cal through to wholly empirical are used in rock engineering
practice, with selection of a particular model for a given
project being made by various informal, subjective and ad
hoc methods. Currently, EC7 gives no guidance on how an
appropriate modelling approach should be selected. This is
intimately connected with the issue of characterisation de-
scribed in 5.7 above.

EG13 will make suggestions as to how guidance in respect
of model selection could be included in EC7.

5.10 Use of partial factors

As a limit state design code that assumes variability in
loads and materials properties is a stochastic phenomenon,
EC7 makes extensive use of partial factors to characterise
this variability. Although this approach has a long history in
structural engineering, and to some extent in soils-related
geotechnical engineering, there has been very little devel-
opment of partial factors in rock engineering. Why this is so
is not clear, but it may be due either to a simple lack of the
development of such factors by the rock engineering com-
munity or the recognition that some characteristic of rock
mechanics properties precludes their development. Both of
these aspects are being explored by EG13, and the Group’s
report will offer suggestions as to how the use of partial
factors in rock engineering can be clarified.

5.11 Observational method

The observational approach is widely used in rock engineer-
ing, and represents a close coupling of the construction and
design processes such that both the design and design im-
plementation are continually revised during the construction
process. It is not clear that the provisions within EC7 for
use of the observational method are properly appropriate
for rock engineering works, and so suggestions will be
made for improving these provisions.

6 FUTURE DEVELOPMENT OF EUROCODE 7

As has been explained above, EC7 is currently undergoing a
normal five-year review as part of the standard mainte-
nance cycle. This review will identify medium term revi-
sions. The maintenance cycle also includes long term de-
velopments, and it is important that the rock engineering
community comes together to identify what is required in
this respect. Some required future developments seem
clear: for example, EC7 gives no guidance on how to meas-
ure and characterise in situ stress, nor is it currently appli-
cable to underground excavations (this is one reason why
EG12, Tunnelling, was not convened as part of the current
five-yearly review). There is also no guidance on the design
of rock slopes, which may be the largest single area of work
in rock engineering.

The development of EC7 to incorporate these, and other as
yet unidentified areas of rock engineering endeavour is a
major undertaking that will require many years of dedicated
work. By necessity, this work will need to involve the whole
rock engineering community of constructors, designers and
academics from across the entire EU.

As a first step, and building on the work of EG13, the or-
ganisers of Eurock 2014 in Vigo, Spain, are intending to
convene a workshop that will hopefully initiate this devel-
opment. The amount and nature of the work required to
develop EC7 for rock engineering means there is the poten-
tial for many such meetings in the coming years.

TA NEA THZ EEEEI'M - Ap. 62 - MAPTIOZ 2014



7 CONCLUSIONS

The introduction of EC7 will dramatically affect the practice
of rock engineering throughout the EU. Although EC7 only
became a reference design code in 2010, the first five-
yearly cycle of medium term maintenance is now under-
way. Under the auspices of a CEN Technical Committee, an
Evolution Group comprising experts representing a wide
number of countries is engaged on identifying those aspects
of EC7 that deserve revision. Finally, the long term devel-
opment of EC7 is yet to be decided, and it seems that the
entire rock engineering community within the EU has a
critical role to play in this regard.
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Rockfall: Scaling factors for the Coefficient of
Restitution
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tional Technical University of Athens, Greece

ABSTRACT: Rockfalls poses a significant hazard on human
activities and infrastructure. In order to design remedial
measures, simulation programs are used to define the rock-
fall trajectory. The most significant input parameter is the
Coefficient of Restitution which describes the response of
the falling block at impact. This parameter is commonly
adjusted to the incident velocity with the use of a scaling
factor, but the effect of the block mass is usually ne-
glected.A laboratory investigation using artificial materials
to account for the influence of the mass and the incident
velocity of the falling blocks is presented. Experimental
results show that the coefficient values decrease with both
the increase of the block mass and the impacting velocity.
The various scaling methods in literature are evaluated.
Additionally, a momentum based scaling approach was
found to be consistent with the present experimental re-
sults.

1 INTRODUCTION
1.1 Coefficients of Restitution

In general, the coefficient of restitution (COR) is defined as
the decimal fractional value representing the ratio of veloci-
ties before and after an impact of two colliding entities.
Theoretically, a COR that equals one corresponds to a per-
fect elastic collision, a COR less than unity defines an ine-
lastic collision and a COR that equals zero is obtained when
the object instantaneously stops at the surface area without
bouncing which corresponds to a perfectly plastic behavior
(Goldsmith, 1960).

When in contact with the slope, the block’s magnitude of
velocity changes according to the COR value. Hence, for
rockfall engineering practice, COR is assumed to be an
overall value that takes into account all the characteristics
of the impact; including deformation, sliding at contact,
transformation of rotational moments into translational and
vice versa (Giani, 1992).

Various definitions on the coefficients of restitution have
been proposed, such as the kinematic, kinetic or energy
coefficients of restitution, but it seems that there is no con-
sensus on which of them is more appropriate for rockfall
trajectory prediction (Chau et al., 2002).

The kinematic approach, which is derived from the inelastic
collision of particles in the Newtonian mechanics, is the
most commonly used due to its overall simplicity. The defi-
nition of the COR for an object which impacts on a steadfast
surface is simplified as:
v
Veor = (1)
V.

where vi =incident velocity; vr =rebound velocity;
and vcor =kinematic coefficient of restitution.

The most common COR definition is derived from the nor-
mal and tangential projections of the velocity vector on the
impact surface, according to:

T |"Ir M 2-
COR T ( "
VJ- »
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where the subscripts after the comma n=normal compo-
nent; t =tangential component; ncor =normal coefficient of
restitution; and tcor =tangential coefficient of restitution.

Another COR definition found in literature is given in energy
terms:

F

D.i[fmf,.: + !mf)

0.5 [mvf + 1’ )

Ecor = (4]

a

where I =moment of inertia; w=angular velocity; and Ecor
=energetic coefficient of restitution.

It can be seen from the aforementioned equations that Ecor
yields the square root of the vcor when angular velocity is
zero, which is valid for the case of a free fall impact, while
the ncor is equivalent to veor.

However, tcor cannot be defined according to Equation 4
since the denominator is zero, which results to an unde-
fined expression. Thus, in the present paper vcor is used
and is denoted as COR.

The parameters which influence the bouncing phenomenon,
and subsequently the COR values, are summarized in Table
1.

Table 1. Parameters assumed to influence the bouncing
phenomenon (Labiouse & Heidenreich, 2009).

Slope Block

characteristics characteristics Kinematics

Strength Strength Translational velocity
Stifthess Stittness Rotational velocity
Roughness Weight Collision angle
Inclination Size Configuration of block

1.2 Review of scaling factors

COR depends amongst others on incident velocity and
mass, as seen in Table 1. Various scaling factors have been
proposed in order to take these parameters into account in
the analysis of rockfalls with computer codes.

Pfeiffer & Bowen (1989) introduced the CRSP rockfall simu-
lation program, in which both normal and tangential COR
values are scaled according to the incident velocity. The
scaled normal COR value is calculated by multiplying the
literature suggested value by the scaling factor (Eq. 5),
while a relevant expression for scaling the tangential COR is
also available.

B=—r1 (5)
1 +|: Vr'.n ’III 1’rrc.f' :I

where v,r =reference velocity; and B, =scaling factor.

According to Equation 5, the scaling factor is equal to 0.5
when incident velocity is equal to the reference velocity,
which was defined in CRSP as 9.14 ms™'. Richards et al.
(2001) suggested a reference velocity equal to 5 ms—1
based on laboratory investigation. This scaling factor is
adopted by many simulation codes. However, very little
information is available concerning the calibration of this
equation with experiments using blocks of different sizes
(Bourrier & Hungr, 2011).

An alternate velocity scaling factor (Eq. 6) was used by

Rammer et al. (2010) in which scaling is applied for inci-
dent velocities higher than 10 ms™'. Since literature sug-
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gested values, which are commonly used, originate from
testing with lower incident velocities, scaling is included.

I, v <10ms"

k= s . 6
l{:ll?.)_ﬁ vll CJ._J, VI- - I_UmS 1 ( )

where k =scaling factor.

This scaling factor originates from an equation proposed by
Johnson (1985), according to which COR is proportional to
v, %%, The aforementioned scaling factors, which are all
dependent on incident velocity, show a significant variation
as presented in Figure 1.

1.0
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1

Scaling factor, [-]
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Figure 1. Scaling factors versus incident velocity originating
from: 1- Rammer et al. (2010); 2- Johnson (1985); 3-
Pfeiffer & Bowen (1989); and 4- Richards et al. (2001).

A momentum based COR definition has recently been pro-
posed by Bourrier & Hungr (2011) based on intuition. COR
is represented by a hyperbolic function which yields unity in
‘soft’ impacts and zero in ‘heavy’ impacts, where all energy
dissipates due plastic deformation.

_ M,
M.lr + M[I.S

(7

where M, =normal incident momentum; M,s = reference
momentum; and k” =scaled coefficient of restitution.

A scaling factor dependent on mass, which presents a simi-
lar trend with scaling factor B,, is also available in RocFall
software (RocScience, 2003). However, no information con-
cerning the definition of this factor is available. According to
the software developers, it is not advised to use simultane-
ously mass and velocity scaling factors, since it results in
unrealistic rock paths.

1

= 8
l+(mfmw.]'

m

where m,s = reference mass; and B,, = mass scaling factor.
2 EXPERIMENTAL SETUP

The rebound angle for a normal and frictionless impact be-
tween a sphere and steadfast surface should be theoreti-
cally equal to 90 degrees. However, when performing free
fall tests with randomly shaped blocks, the rebound trajec-
tory presents a wide deviation from the fall direction. Block
shape has been found to pose a significant effect on the
rebound angle and subsequently to the obtained COR value
(Asteriou et al., 2012). In order eliminate the effect of the
block shape effect and the other parameters shown in Table
1; spherical blocks and free fall drops were used in the ex-
periments.
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2.1 Apparatus

The surface area, upon which the impact of the spherical
blocks occurred, was a smooth and planar plate formed by
the same material. The plate had a thickness of 5 cm with
15 cm side length, fixed in a massive deadweight base
which ensured the preservation of the momentum caused
by the impact.

Prior to the experiment, the block was held by suction pro-
duced by a vacuum pump and was released to a free fall
drop by switching the vacuum pump off. Consequently, the
block developed only vertical translational velocity prior to
impact. The trajectory of the block was recorded with a
digital high-speed video camera, at a capture speed of 500
fps and a resolution of 440X330 pixels, installed 1m away
from the impact surface. A high contrast background was
installed in order to make the block distinguishable.

2.2 Materials

Preparing spheres from natural rock is expensive and time
consuming, which are hardly ever perfectly spherical. Thus,
artificial materials were chosen, as they present advan-
tages: they can be casted in any shape and size and their
mechanical properties can match those of natural materials.
For casting the spherical blocks, custom silicon molds were
created, able to reproduce boulders with diameters of 3, 4,
5 and 6 cm. The materials chosen were a cement based
grout and a high strength epoxy resin. Both materials were
stable and cohesive, exhibiting zero segregation and were
shrinkage compensating, resulting in uniform samples. The
physical and mechanical properties of these materials, pre-
sented in Table 2, were determined according to ISRM sug-
gested methods (ISRM, 2007).

Table 2. Properties of used materials.

Cement Epoxy

Material properties grout resin
Density, p (kN/m?) 21.9 20.4
Compressive strength, o; (MPa) 374 86.5
Young’s modulus, E; (GPa) 15.7 11.0
Poisson’s ratio, v 0.11 0.38
Tensile strength, o; (MPa) 7.5 15.6
P-wave velocity, v, (m/s) 4335 4125
S-wave velocity, v, (m/s) 2575 2430
Schmidt Hardness, R 33 42

Asteriou et al. (2013) have used these materials for inves-
tigating the effect of material properties of free falling
blocks with cubical shape along with eight natural rock ma-
terials commonly found in Greece.

2.3 Data acquisition

A video file is a sequence of still images displayed at a con-
stant rate (fps). A grayscale digital image forms an array of
pixels the size of which is described by the image resolu-
tion. Each element obtains a numerical value from 0 (black)
to 255 (white) representing the intensity of the pixel, which
is described by a matrix, easily manipulated within MATLAB
environment.

Initially, each frame was converted to a binary image
(black-and-white) discretizing the block from the back-
ground (Fig. 2a). The near end projection of the block in
the capture plan resembles a circular shape. Hereafter, an
edge recognition algorithm (Canny, 1986) was used provid-
ing the boundary between the circular projection and the
background (Fig. 2b). The coordinates of each pixel defining
the boundary line were used in order to calculate the center
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point and the radius of the boulder using Pratt (1987) least
squares method (Fig. 2c). According to this method, the
geometric properties of a circle are calculated according to
Equation 9.

a

Figure 2. Tracking algorithm stages: a. conversation into a
binary image resulting discretization of the block; b.
boundary recognition and acquisition of xi , yi coordinates;
and c. calculation of block’s geometrical properties.

The determination of the trajectory of the block was done
by repeating the aforementioned process for all captured
frames.

w2

"

}SS(X, Y,R)= Z(R— J( - XY +(3,-¥) ] ©

=l

where x; , y; = coordinates of boundary points; X , Y = co-
ordinates of the center point; and R=circle radius.

Further on, the trajectory was separated in the pre and
post impact stages. For each stage a 2nd degree regression
analysis of the Y coordinates over time was performed,
which resulted to a constant acceleration. The impact point
and time were calculated as the intersection of the pre and
post trajectory curves and the line representing the impact
surface.

The points defining block’s boundary include a positioning
error, due to the finite pixel size. The error in the determi-
nation of the center point coordinates was less than the
pixel size, due to the large number of boundary points used
in Pratt’s method.

The error in the measurements of position between frames
due to change of velocity caused by the acceleration was
diminished by using a high frame rate and a 2nd degree
regression. However, the high frame rate increases drasti-
cally the velocity error caused by the positioning uncer-
tainty (Feng et al., 2011). When velocity is calculated by
the position measurements an uncertainty of dy is included,
while the time interval between the two positions is At,
then the error in velocity is 2(dy/At)2. It is apparent that as
At reduces, when the frame rate increases, the error in
velocity determination also increases. In order to increase
the time interval and reduce the error, incident velocitywas
calculated by Equation 10 as the average of the velocities
calculated from the impact point and each measured point.
A more analytical presentation of the error analysis is be-
yond the scope of the present paper. However, after im-
plementing this methodology, the relative error in the cal-
culated COR value is less than 5%.

}Vz..].i[o*sgATJriH (10)

"o

where n=number of measurements; AY =vertical move-
ment of center point between point i and impact point;
AT=flight time between measurement point i and impact
point; and g =gravitational constant.

The trajectory of the block in the impacts following the first
one deviated from verticality which resulted in horizontal

and angular velocities additional to the vertical. In order to
deduct the effect of both horizontal and rotational velocity,
only the initial impacts were taken into account. This devia-
tion can be attributed to grain boundaries and micro fis-
sures, since the surfaces of the colliding entities were not
perfectly smooth (Imre et al., 2008). The maximum devia-
tion from the vertical was less than 5 degrees, which re-
sults in a difference of less than 0.4% between the normal
component and the total velocity.

2.4 Experimental program

In order to address the effect of impact velocity and mass
of the block on COR values and evaluate the proposed scal-
ing factors, free fall drop tests were conducted with spheri-
cal blocks of two artificial materials. Spheres were prepared
from the cement grout material with diameters of 3, 4 and
5 cm and from the epoxy resin with diameters of 3, 4, 5,
and 6 cm. All spheres were dropped from heights of 0.1,
0.25, 0.5, 1.0, 2.0, 3.0 and 4.5 m. In order to account for
the randomness of the impact, each test was repeated five
times. Thus, the experimental procedure consisted of 49
series of tests.

3 PRESENTATION OF RESULTS

The calculated COR values for epoxy resin and cement
grout are presented in figures 3 and 4 respectively. The
average value of each test series is presented on the
graphs. It becomes evident that COR is dependent on both
incident velocity and mass and reduces with increasing inci-
dent velocity and mass.

The trend lines presented in figures 3 and 4 are described
by multivariate linear regressions. The overall regression
coefficients have high values, denoting that the data are
well correlated. However, extending those correlations for
larger blocks and higher velocities is problematic. Using
higher values for mass and velocity, but still low compared
to real scale rockfalls, those correlations produce negative
COR values, which are unacceptable.
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Figure 3. CORvalues versus incident velocity for the epoxy
resin blocks.

Additionally, the presented linear correlations do not to
predict the COR values for impacts in the elastic regime,
where COR should be approximately equal to unity inde-
pendently of the mass. According to Hertzian theory of col-
linear impact, a COR value equal to unity is derived when
incident velocity is less than the yield velocity, which is de-
fined as the velocity where plastic deformation within the
colliding blocks initiates. Johnson (1985) has shown that
yield velocity is a function of density, Young’s modulus and
material’s strength. However, even in high strength rock
materials, yield velocity is significantly lower than the ve-
locities encountered in real scale rockfalls, which implies
that it is practically impossible to observe an impact with
COR equal to unity. However, the upper COR boundary
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should theoretically approach unity when incident velocity
approaches to zero. This demonstrates that COR is con-
nected to the mass and velocity with a nonlinear function.
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Figure 4. COR values versus incident velocity for the ce-
ment grout blocks.

The experimentally derived COR values for both materials
are plotted against incident momentum (Fig. 5), which is
the product of the mass and incident velocity of the block.
A strong correlation between momentum and COR is appli-
cable, which is defined by a non-linear function in the form
of:

COR =a(mv,)” ar

where a and b are parameters which are assumed to be
controlled by the material properties, such as strength,
elastic properties etc. since they were the only parameters
that differed between the two tested materials.
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Figure 5. Coefficient of restitution values from all tests ver-
sus incident momentum.

However, in order to determine these parameters, addi-
tional tests with more materials and larger blocks are re-
quired. This forms part of on-going research of the authors.

An interesting observation arises from the tests with ce-
ment grout blocks. All blocks were fractured for a release
height of 4.5 m, by splitting along the loading direction (fig.
6), which is similar to the failure mode of Brazil test, imply-
ing that fracture is controlled by the tensile strength. More-
over, the calculated COR values for these impacts were
lower than their prediction obtained by extending the re-
sults of tests performed with lower release heights. Frac-
ture of the blocks occurred after 3 to 4 drops and a lower
COR value was calculated after each test, denoting that
internal cracking developed and propagated. However, until
fracture there were no macroscopically visible signs of
cracking on the surface of the blocks. These tests were not

included in the present analysis as they concern the frac-
ture phenomenon.

¢

Figure 6. Image sequence of a fracture; 3 cm diameter
concrete block released from a height of 4.5 m; a. ¢,
=0.000s; b. t, =0.008 s; and c. t. =0.024 s.

4 EVALUATION OF RESULTS

The present data are significant for the evaluation of the
proposed scaling models and their calibration. The model
used in the majority of computer programs is presented by
Equation 4 and incorporates incident velocity, reference
COR value and reference velocity. However, from figures 3
and 4 it is evident that COR value depends significantly also
on the block’s mass.

Thus, this model lacks the ability to predict the scaling fac-
tor for blocks whose size varies. This is also true with the
model proposed by Rammer et al. (2010). Additionally, in
this model COR is not scaled for incident velocities less than
10 ms™!, due to the fact that COR value is selected by the
literature suggested values, which are determined from
experimental studies performed within that velocity range,
thus already including the scaling factor. However, based
on the present study, the velocity effect on the COR value
is significant for the range between zero and 10 ms™*. Addi-
tionally, the model omits the mass dependency for the
whole velocity range. Hence, this model cannot be used to
describe the trends produced by the presented experimen-
tal data.

The momentum based COR definition suggested by Bourrier
& Hungr (2011) matches well with trend of the present ex-
perimental results. However, the proposed hyperbolic func-
tion (Eq. 7) could not be calibrated; the termMO0.5 presents
a wide scatter, although it is defined as a constant parame-
ter. Furthermore, a model defined in terms of incident mo-
mentum seems to be appropriate for the simultaneous scal-
ing of COR values according to incident velocity and mass.

5 CONCLUSIONS

In the present paper the COR value dependency on mass
and velocity was examined for spherical blocks of various
sizes impacting on a horizontal surface. The blocks con-
sisted of two artificial materials and the free fall experi-
ments were conducted from different release heights, up to

4.5 m resulting incident velocities up to 9.5 ms™.

According to the experimental results, it is shown that the
COR value reduces by increasing both incident velocity and
mass. Additionally, the rate of decrease seems to be a
function of the mechanical properties of the blocks. For
instance, in the tests conducted with epoxy resin blocks,
increasing the incident velocity approximately 10 times COR
is reduced by 17%. On the other hand, by increasing mass
8 times, COR is reduced by 20%.

The COR scaling factors found in literature are mainly fo-
cused on the effect of incident velocity, and therefore lack
the ability to fit to the present data. However, using a mo-
mentum based scaling factor, expressed by a power func-
tion, seems capable to address both mass and velocity ef-
fects. This function could also incorporate parameters con-
nected to material properties, such as strength and Young'’s
modulus.
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Besides the uncertainty introduced by the scaling factor, a
more important issue is the uncertainty of the reference
values. In literature, suggested values are given mostly by
the material type, based on laboratory, in situ investiga-
tions and back analysis of known rockfall trajectory paths,
which present a large scatter. According to present results
this scatter can be attributed -beyond other parameters- to
the different testing conditions applied, such as incident
velocity and mass of the blocks.

Further research on the size and velocity dependency on
COR is under progress in the Rock Mechanics laboratory of
the School of Civil Engineering at the National Technical
University of Athens. Larger blocks and different materials
are tested, whereas also shape and incident angle are al-
tered. Additionally research has been recently extended in
the field, by conducting tests in real scale, in order to es-
tablish sound methods and correlations for predicting rock-
fall trajectories more accurately.
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Influence of rock mass creep on tunnel loading

P. Fortsakis, A. Kalos, V. Despotaki & M.J. Kavvadas
National Technical University of Athens, Greece

ABSTRACT: Rock mass creep in tunnelling through weak
rock masses under high overburden may lead to the poten-
tial development of significant convergence. Should this
convergence be restrained by a rigid support shell, tunnel
loading tends to increase. Although, such increase could be
significant, it is often not taken into account in design, due
to uncertainties in the calculation procedure. This paper
proposes a simplified approach for estimating the additional
creep loads on the lining of circular tunnels excavated in
one phase. This is achieved by performing a parametric set
of 2D numerical analyses with the finite element code
ABAQUS. The rock mass is modeled as an elasto-plastic
material yielding according to the Drucker-Prager criterion,
with time-dependent characteristics described by the Singh-
Mitchell creep model. The time-dependent behaviour is ini-
tially formulated upon the assumption of a new set of pa-
rameters. Typical ranges of these parameters are estimated
using creep experiments from the literature.

1 INTRODUCTION

In tunnel design and construction through weak rock
masses under high overburden the role of rock mass creep
may prove important for the final wall convergence and
ground loads exerted on temporary support or final lining.
However, this time-dependent behaviour is usually not con-
sidered in design, due to the large uncertainties of creep
and the need for complex laboratory tests and constitutive
models.

In tunneling, the time-dependent behaviour of the rock
mass is not typical creep, since deformation does not freely
develop under constant state of stress. The construction of
the support shell restrains the potential creep deformation,
leading to increased tunnel loads and rock mass creep
evolves with varying stresses. Moreover, the rock mass
creep in tunnelling can be separated in two categories (this
separation is only in relation to the specific project which
determines the time scale):

— Short-termcreep. Creep deformation influences the exca-
vation procedure and the temporary support.

- Long-termcreep. Creep deformation develops during the
tunnel service life leading to increased ground loads on
final lining.

There are several case studies in literature, of tunnels that
experienced large deformation and in some cases severe
failures due to the short-term creep behaviour of the sur-
rounding rock mass (e.g. the Saint Martin La Porte access
adit, along the Torino - Lyon Base Tunnel and the
Létschberg Tunnel). Debernardi (2008) describes the case
of the Saint Martin La Porte, where up to 2.0m convergence
developed during the excavation. Using back analysis the
dominant role of the creep of the surrounding rock mass
was revealed. Moreover, Barla et al. (2010) presented
stress measurements in the final lining, clarifying that the
increase of the stresses due to the rock mass creep varied
from70% to 100%. Sandrone et al. (2006) employed three
different models to simulate the very large time-dependent
convergence (up to 80 cm) developed when the tunnel
crossed the base sediments of sandstone and siltstone and
up to 1.0m thick beds of carbon and anthracite.

The influence of creep on the surrounding geomaterial has
been studied by several researchers in literature using ei-
ther analytical (e.g. Sulem et al. 1987, Pan & Dong 1991,
Nomikos et al. 2011), numerical (e.g. Ghaboussi & Gioda
1977, Boidy et al. 2002, Debernardi 2008, Fortsakis 2012),

statistical (e.g. Sandrone 2006; Kontogianni et al. 2005) or
experimental (e.g.Yu 1998) methods.

The present paper investigates the influence of rock mass
creep on the final lining loads of circular tunnels. Based on
results of viscoplastic 2D numerical analyses a simplified
approach is proposed for the estimation of the increased
tunnel loads due to rock mass creep.

2 ROCK MASS CREEP

Creep is a relatively well defined phenomenon in principle.
However, establishing a well-defined constant effective
stress to account for the effect of creep deformation is
rather illusive. Considering that creep deformation accumu-
lates with evolving time, the pore pressures tend to in-
crease and then dissipate thus leading to a fluctuation of
the effective stress.

Throughout the literature creep has been simulated through
a series of empirical (e.g. semi-logarithmic law, Singh-
Mitchell creep model) or rheological models (e.g. Maxwell,
Bingham) and general theories (e.g. Perzyna 1966, Naghdi
& Murch 1963). However, the time-dependent mechanical
behaviour experienced in oedometer and triaxial or uncon-
fined compression tests tends to describe different aspects
of creep.

Oedometer tests activate the volumetric component of
creep thus leading to an increase of strength stemming
from the chemical bonding experienced. Regardless
whether we tend to neglect or silently disregard any signifi-
cance of the aforementioned creep characteristic, it tends
to dominate the overall mechanical behaviour considering
the formation of the rock mass throughout the geological
history. The only solace we can receive is that the problem
at hand is addressing a relatively small time window while
the volumetric creep strain effects on rock mass strength
become significant only over extensive periods of time.

Triaxial or unconfined compression tests however, reveal
the deleterious effects of deviatoric creep strain component
on the rock mass strength. Although the primary and sec-
ondary creep stages, inherently associated with crystal and
microfabric reconstruction, can be described relatively accu-
rately by most empirical and even rheological models under
specific loading conditions, they tend to neglect the final
primal role of deviatoric creep strain component character-
ized as tertiary creep. The tertiary creep stage portrays the
deleterious effects of deviatoric creep through strength
degradation leading ultimately to creep induced failure.

Next, we will be focusing solely on the deviatoric creep
strain component and investigate the effect of primary and
secondary stages on the overall mechanical behaviour in
tunneling by employing a relatively well established empiri-
cal relation.

3 CREEP MODEL AND PARAMETERS

In the frame of the present paper the rock mass creep be-
haviour is initially formulated upon the assumption of a new

set of parameters (®., tsow/td). These parameters can eas-
ily be correlated with most of the widely used creep models
and, as it will be shown from the results of the numerical
analyses, they can be further employed on the develop-
ment of a simplified approach for the estimation of creep
loads on the tunnel. More specifically these parameters are:

- Creep factor @ : This factor represents the magnitude of
the potential creep strain for a given stress state (q/qr) in
a specific time period (t). For instance the time period
may correspond to the duration of a laboratory test or
the project service life or an arbitrary moment. The creep
factor is equal to the ratio of the creep deformation at the
specific time and stress state to the elastic deformation
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at the same stress state assuming linearly elastic - per-
fectly plastic behaviour (0. =2c - tan(45+®/2), c: rock

mass cohesion, @: rock mass friction angle, E: deforma-
tion modulus, q: deviatoric stress, gf : maximum devia-
toric stress for a specific value of the mean stress p).

mm[it}—“““:‘“ (1)
a q o

- Ratio tsow/ts: This factor determines the rate of increase
of the potential creep strain. The parameter tsoo is the
time period required for the 50% of the final creep de-
formation to be developed according to the creep mode
and td is the total time of the analysis.

The following equations illustrate the procedure for the cal-
culation of the Singh-Mitchell (Singh & Mitchell 1968) pa-
rameters from the values of the creep factor @, and the
ratio tsoe/ts. The equations for the two time values t4 and
t50% are:

A ()
EU{t:td)=l—mc 9 [ﬁ] ~1 (2)
q " 1—m
A Y e
Ecr[tztSO%}zmc & [%] -1 (3]
- |
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The m parameter of the Singh-Mitchell model is calculated
by dividing the two previous equations. It is evident that
the m value is not influenced by the values of the creep
factor.
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By substituting the creep deformation &. in Eq. 1 the creep
factor can be expressed through Eq. 5.
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Since the creep potential depends significantly on the im-
posed stress state, two different creep factors should be
determined for different values of the q/qgs ratio (Egs. 6, 7).
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Finally from the above relationships the values of the pa-
rameters a, A of the Singh-Mitchell model can be calculated
as follows:
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4 DESCRIPTION OF NUMERICAL ANALYSES

The problem was investigated via 2D numerical analyses
using finite element code ABAQUS. The section of the tun-
nel was assumed to be circular with diameter D=10m and
the overburden height equal to 10D=100m (Fig. 1). The
soil was simulated with 4-sided, 4-noded solid elements
and the support with linear beam elements.

e«  T=T0m

R

wn/ = a1/

130m

13D

o

mng

14D = 140m

Fs

Figure 1. Numerical model.

The surrounding rock mass was modeled as isotropic line-
arly elastic - perfectly plastic material following the
Drucker-Prager failure criterion. The initial selection of the
geotechnical parameters was made in terms of the Hoek-
Brown failure criterion (Hoek et al. 2002), which better de-
scribes rock materials and the rock mass deformation
modulus was calculated according to Hoek et al. (2002).
The steps of the numerical analyses are:

- Step 1: Geostatic stress state (hydrostatic stress field
K=1.0)

- Step 2: Simulation of the preconvergence development
(Chern et al. 1998)

— Step 3: Full face excavation and activation of the tempo-
rary support (shotcrete thickness ds, =20 cm, Es, =20
GPa)

- Step 4: Activation of final lining (thickness dr. =60 cm,
EFL =29 GPa)

- Step 5: Deactivation of temporary support
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- Step 6: Simulation of the rock mass creep behaviour

The selection of the @ values was mainly based on a large
number of creep experiments from the PhD dissertations of
Aristorenas (1987) and Debernardi (2008). However, the

@ Vvalues which are calculated from an experimental pro-
cedure should be considered as a lower limit of the values
that should be adopted in the design since (a) they corre-
spond to the duration of the experiment which is signifi-
cantly shorter than the tunnel service life and (b) the creep
tests are usually carried out using intact rock samples and
therefore the role of the discontinuities in the time-
dependent deformation is neglected.

Regarding the time-rate parameters (tso%/ts and m parame-
ter of the Singh-Mitchell model) the selection was based on
the co-evaluation of the experimental results and the pro-
posed m values from the literature that are summarized by
Hunaj-Sarihan (2009): 0.70-0.80 (Tavenas et al. 1978),
0.50-1.30 (Lacasse & Berre 2005) and 0.90-1.3 (Mansour
et. al. 2008). Finally, the value of m=0.80 was chosen for
the analyses, which corresponds to tsow/tq ~ 0.10 via Eq.
(4). All rock mass parameters are summarized in Table 1.

Table 1.  Numerical analyses parameters.

Parameter Range Units
GSI 20-30

{Marinos & Hoek 2000, Marinos et al. 2005)

i 4-15 MPa
m; 6

D 0

v 25 kN/m’
gg 2.5 MPa
o.loy 0.11-0.30

0.20-2.00
0.30-3.00

P (q/qr = 30%)
Per(q/qr =70%)

Per(q/qr = 70%) e (q/qr = 30%) 1.25, 1.50
m (Singh-Mitchell model) 0.80
tq 1200 months

tsoa/td 0.10

The range of the rock mass strength and deformability pa-
rameters was chosen so as to correspond to weak materials
and potentially unfavourable geotechnical conditions for the
specific overburden height (low values of o./0, ratio, o.:
uniaxial compressive strength of the rock mass, o0,: geo-

static stress). The . values have been set for q/qr =30%
and 70%, since o0q: intact rock uniaxial compressive
strength, m;: geomaterial constant, D: disturbance factor,

y: rock mass unit weight, o. =2ctan(45+®/2), 0,: initial
geostatic stress, c: rock mass cohesion, @: rock mass fric-
tion angle, . : creep factor, ty: tunnel service life.

(a) in this range creep experiments can be carried out to
study the primary and secondary creep without creep fail-
ure (b) the creep potential is considered to be low for q/qgs
<30% and (c) this is the range that has been proposed my
Singh & Mitchell (1968).

5 RESULTS OF NUMERICAL ANALYSES

The simulation of all the construction stages in the numeri-
cal analyses allows for the monitoring of the tunnel loads
evolution, from the excavation and temporary support
phase to the end of the project service life after the devel-
opment of the assumed creep deformation. The main sym-
bols which are used for the presentation of the numerical
analyses results are summarized here below:

— psh: average pressure on the shotcrete shell of the tem-
porary support

- pr: average pressure on the final lining before the rock
mass creep simulation

- po : average pressure on the final lining after the rock
mass creep simulation

Figures 2 and 3 illustrate the distribution of plastic and
creep deformation around the tunnel section. The maximum
values of the plastic deformation are developed near the
tunnel, whereas the maximum values of the creep deforma-
tion are developed at the edge of the plastic zone.
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Figure 2. Plastic deformation around the tunnel section. The
dark areas correspond to high values of plastic strain

(GSI=20, 04 =8MPa, 0/0, =0.14, @c =0.60, Qe =0.75).
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Figure 3. Creep deformation around the tunnel section. The
dark areas correspond to high values of creep strain

(GSI=20, 04 =8MPa, 0c/0, =0.14, Pc =0.60, Qe =0.75).

This can be explained via the following diagrams which
show the development of the stress component in the rock
mass at the tunnel edge. In the beginning of the step of the
creep simulation the ratio g/qgr is equal to 1.0, since the
specific finite element is in the plastic zone (Fig. 4). How-
ever, the potential creep deformation cannot be freely de-
veloped due to the tunnel final lining leading to the increase
of the tunnel load, but also to the increase of the mean
stress and the decrease of the deviatoric stress in the rock
mass (Fig. 5). This decrease of the ratio g/qf leads to a
decrease of the creep strain rate. As the distance of the
tunnel increases and this stress redistribution decreases,
the maximum creep strains are developed at the edge of
the plastic zone. It is also highlighted that, due to the low
0./0, ratio and the high rigidity of the final lining section in
all cases, the percentage of load transfer from the tempo-
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rary support to the final lining is higher than 93% (pr./psh
>0.93).
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Figure 4. Development of the mean stress (p), the devia-
toric stress (q) and the ratio (g/q¢) before the creep simula-
tion in the rock mass at the tunnel edge (GSI=20, oci

=8MPa, 0./0, =0.14, ®1 =0.60, Q2 =0.75).
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Figure 5. Development of the mean stress (p), the devia-
toric stress (q) and the ration (q/q¢) during the creep simu-
lation in the rock mass at the tunnel edge (GSI=20, oci

=8MPa, 0./0, =0.14, @1 =0.60, ®, =0.75).

The ratio p./pr. can be used to quantify the effect of the
rock mass creep on the final lining load. The diagrams in
Figure 6 portray the distribution of this ratio as a function

of the geotechnical conditions ratio o./0, and the ¢ values.
As the rock mass quality improves the p./pe ratio de-
creases, considering that the width of the plastic zone is
smaller and the values of the stress factor g/gr that influ-
ences the creep potential are lower. Moreover the increase

of the @, values tends to reveal an increase of the p./pr..
However, this increase has a decreasing rate, due to the
increase of the load and the mean stress, which has already
been described. For the range of the geotechnical and creep
parameters that has been assumed, the increase of the

final lining loads varies from 15% to 70% for ®c2/®c
=1.25 and from 20% to 110% for @q2/®1 =1.50.

In order to investigate the sensitivity of the ratio po/pr. to
the rate of increase of the creep deformation a sensitivity
analysis was carried out for m=0.60-0.90 that corresponds
to tsow/ts =0.05-0.20. The results illustrated in Figure 7

show that higher m values - for the same o values - re-
sult to higher rate of increase in the beginning of the analy-
sis, but ultimately lower final values. Nevertheless, the
maximum difference for the p./pe ratio at the end of the
analysis is 3%.
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Figure 6. Distribution of the p./pr. ratio as a function of the
geotechnical conditions ratio o./0, for different combina-
tions of the creep factors.
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Figure 7. Development of the p./pr. ratio for different val-
ues of the m parameter of the Singh-Mitchell creep model

(GSI=25, 04 =4MPa, 0./0, =0.12, ®c1 =0.60, Pe2 =0.75).
6 CONCLUSIONS

The role of rock mass creep can be significant, and some-
times critical, in tunnel analysis, especially in cases of unfa-
vourable geotechnical conditions. However, often it is ne-
glected in the analysis, until it becomes evident from con-
struction monitoring data that there is a significant devel-
opment of phenomena associated with time-dependent be-
haviour of the rock mass (e.g. delayed convergence, crack-
ing on the support shell).

Based on the results of numerical analyses, the most criti-
cal creep parameter for the estimation of the additional
tunnel loads is the potential creep strain that would develop
in a tunnel with yielding support during the design life. This
parameter also controls the magnitude of the deformation
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restrained by the tunnel shell, resulting to the increased
tunnel loads. The rate of creep deformation increase proved
to be insignificant for the long-term tunnel loads.

In the proposed framework, two parameters were intro-
duced in order to quantify the rock mass creep behaviour

(P and tsow/ts). The ratio of the average final lining load
after and before the creep simulation (p./pr) can be corre-

lated very well with the values of @, and the geotechnical
conditions ratio. The resulting normalized diagrams can be
used for the estimation of the additional creep loads. For
the examined range of geometrical, geotechnical and creep
parameters, the long-term increase of loads may reach up
to 110% in some cases.

In case of tunnels that exhibit short-term creep phenomena
with available pressure cells measurements, these diagrams
may also be used to back calculate the rock mass creep
parameters, so as to estimate the longterm final lining load
and subsequently use it for the dimensioning of the con-
crete section. It is noted that these diagrams are based on
the assumption of elastic behaviour of the temporary sup-
port and final lining. In the case of squeezing conditions
and temporary support failures the measured loads may be
significantly lower due to the increased shotcrete flexibility
associated with shell failures.
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Tunnel behaviour and support in molassic rocks. Ex-
perience from 12 tunnels in Greece
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G. Prountzopoulos & P. Fortsakis
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ABSTRACT: Molasse consists of a series of tectonically un-
disturbed sediments of sandstones, conglomerates, silt-
stones and marls, produced by erosion of mountain ranges
after the orogenesis. Molassic rock masses may have very
different structure close to the surface as compared to
those confined in depth, where bedding planes, do not ap-
pear as clearly defined discontinuity surfaces. The present
paper focuses on the tunnelling experience through mo-
lassic formations, based on data from the design and con-
struction of twelve tunnels in Egnatia Highway in northern
Greece. The fundamental tool for this research was TIAS
database, which has been used for the storage, retrieval
and correlation of the available data. The rock mass behav-
jour that was anticipated during construction is described
and the molasse specific GSI chart is validated. In conclu-
sion, a standardization of the geotechnical behaviour of
molassic rock mass types and the temporary support cate-
gories that have been successfully implemented is pre-
sented.

1 INTRODUCTION

The present paper addresses the issue of tunnelling through
molassic rocks, based on the experience gained from the
design and construction of tunnels in Egnatia Highway in
northern Greece. The scope of this work is to set a frame-
work concerning the different types of molassic rocks, the
geotechnical behaviour of each type in tunnelling and the
temporary support philosophy, both for underground con-
struction and portal areas. The main characteristics of the
geomaterial in question that cause its particular behaviour
are (a) the lithological heterogeneity, as the formation con-
sists of almost uninterrupted series of sandstones, silt-
stones, marls or claystones and conglomerates, with alter-
nations of layers from just some centimeters to even few
meters thick, (b) the low to moderate strength of the intact
rock of these alternations, (c) the compact, almost intact
structure in depth, evenwhen sandstone beds alternate with
siltstones and (d) the problematic behaviour of the forma-
tion close to the surface, due to slaking and weathering,
especially of the siltstone parts.

A fundamental tool of this research was a database specifi-
cally established, where all relevant to investigation, tunnel
design and construction data were stored and retrieved, the
TIAS database (Tunnel Information and Analysis System,
Marinos et al. 2012). The 12 tunnels in the molassic forma-
tion of the Panagia - Grevena section of Egnatia Highway.
are shown in Table 1.

2 ENGINEERING GEOLOGICAL FEATURES
2.1 Geological setting

The term molasse comes from a Swiss local name assigned
initially to soft sandstones associated with marls and con-
glomerates belonging to the Tertiary and had a great de-
velopment in the lowland parts of Switzerland. They have
resulted from debris of weathering and erosion of the Alps
mountain belt. The term is now used to describe the depos-
its from the erosion of an entire mountain range, after the
final phase of orogenesis behind the mountain building
area. The environment is geologically “quiet” and compres-
sion effects are mainly confined to the peripheries of new
basins.

As molasse characterizes a series of sediments formed and
developed after the main orogenesis, it has not suffered
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Table 1. Tunnels through molasse in the Egnatia Highway.

Tunnel name Length (m)  Maximum overburden (m)

Sirtos 1520 112
Ag. Triadas 385 14
Ag. Paraskeuis 500 35
Agnanteros 720 40
Prionia 780 40
Velanidia 640 40
Nika 465 45
Lagadia 425 60
Zigra 385 50
Kiloma 1040 S0
Karantza 715 80
Venetikos 700 50

compression, shears and thrusts, thus deterioration of the
quality of the rock mass is limited. Only in few cases the
molassic formations may be deformed and present thrusts
due to the final advance of tectonic napes, but such a de-
crease of their quality is localized. In such cases, mild folds
or minor tectonic slips are present. Gravity faults are com-
mon, but their impact in the deterioration of the quality of
the rock is limited. Hence, there are no extensively devel-
oped poor zones, i.e. fractured, folded or sheared. The in-
clination of strata is generally low and cases with more than
30- dips are rare.

2.2 Engineering geological characteristics

The particularity of the molassic rock masses focuses on
the variable heterogeneity, the presence of low strength
geomaterials and the compact structure with depth. The
principal engineering geological characteristics of molassic
formations are the following:

- Alternations of competent sandstone and/or conglomer-
ate beds and incompetent - generally of low/moderate
strength - siltstone or claystone,

- Poor - weak diagenesis in some cases,

- Weathering of siltstone - claystone due to the phenome-
non of fission (slaking),

— Detrimental effect of water on the siltstones - clay mem-
bers and their discontinuities.

- Differentiation of the structure with depth (expressed
stratification and discontinuous structure at the surface
and close to it, continuous and tight structure in depth).

The various types of molasses, as reported below, mainly
concern sandstone and siltstone alternations of different
quota and thicknesses. There is also a rather common oc-
currence of conglomerates that range from very compact
(calcitic) to loose (clayey). These rocks can alternate in
layers of tens of centimetres to few metres or appear as
massive strata. Lateral transitions between layers are
common.

2.3 Differences in depth and on surface

Molassic rocks present significant differences between sur-
face and depth. These differences lie on rock mass struc-
ture, weathering and permeability and consequently are
very important for the rock mass quality and behaviour in
tunnelling.

Molassic rocks, particularly with sandstone and well-ce-
mented conglomerates, tend to be highly frictional. Due to
the limited deformation to which they have been subjected
during deposition, the joints in these rocks are generally
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free from the effects of shear movement (slickensides).
Siltstone or claystone beds, being confined soon under the
surface, are compact enough to form an almost continuous
medium. Their presence may however reduce the strength
of the overall mass. Yet, in few cases where siltstones are
fairly strong and under low stress, their behaviour does not
significantly differ from that of sandstones.

The bedding is the essential joint set in a molassic rock
mass, but is only expressed on and near the surface. In
depth it is mainly concealed. For the cases analysed in this
paper, RQD values near the surface range from 0% to
50%. After some metres (~5m) rock masses become me-
dium fractured and weathered, while bedding planes are
still evident. In depths larger than 10-15 m, rock masses
are usually homogeneous in structure and compact with
RQD values >60%.

Weathering alters the rock mass strength significantly. Silt-
stone (or marly) members are very vulnerable to weather-
ing and fissility may be developed parallel to the bedding
when these rocks are exposed to the surface or are very
close to it. Siltstone (or marly) members in outcrops appear
thinly layered and when they alternate with sandstones, the
appearance of the rock mass resembles to flysch. This ap-
pearance in outcrops can be misleading when considering
the behaviour of molassic rocks in a confined underground
environment, in which the process of air slaking is re-
stricted and the rock mass is continuous and massive.

In some cases, sandstones are loose and may be treated as
dense sands. In such weak molasses, clays and silts also
appear and the material can be treated like a soil. This pa-
per does not address these soil-like molasses that have
limited spatial distribution. Yet, it should be noted that mo-
lasses near the surface may create a cover with such soil
characteristics.

The overall permeability of the molassic formation de-
creases very rapidly with depth according to the results of
in-situ permeability tests presented by Marinos et al.
(2008). More specifically, the permeability of sandstone
molasse is significantly higher than in the case of the silt-
stone one. In the case of alternations of the two rock types,
permeability approaches the value of the siltstone, since
the siltstone layers do not allow the water flow through the
rock mass and decrease the overall permeability. Further-
more, the frequent lateral transitions do not permit the
development of a uniform aquifer. Fault zones, although
more permeable are neither numerous nor wide. Hence,
although the water table will usually be above the tunnel
elevation, only limited water inflows are anticipated, al-
though in some situations it may be necessary to relieve
water pressures by drillholes.

2.4 Molasse rock mass types

The mollasic formations are distinguished and classified in
rock mass types (I to VI) mainly based on the participation
ratio of sandstone and siltstone members (Fig. 1).

2.5 Molasse classification

The GSI classification system for molassic formations was
used along the 12 tunnels (Hoek et. al. 2005). The use of
this GSI chart assisted to the construction of almost all tun-
nels with much lighter support measures than what was
initially foreseen.

The GSI classification for molasses (Hoek et al. 2005) was
based on the observations and evaluations from the design
of the 12 tunnels along the Egnatia Highway. This approach
led to two charts, one for surface and one for depth. The
validation of the proposed GSI charts for molasses is here-
after discussed.

Since molassic rock masses are confined in depth and bed-
ding planes do not appear as clearly defined discontinuity
surfaces as in flysch and the rock mass is massive, the use
of the initial GSI chart (Marinos & Hoek 2000) is recom-
mended and a value of 50-60 or more is to be applied.
These values were validated during construction. If no dis-
continuities are present, GSI is very high (GSI>75) and the
rock mass can be treated as intact with engineering pa-
rameters given by laboratory testing. When fault zones
were encountered in depth, GSI values generally lied in the
range of 35-50 (Blocky-Disturbed structure). This is a dif-
ference with the original chart (area M2 in Hoek et al.
2005) that suggested more disturbed and disintegrated
rocks and accordingly lower GSI values.

On the surface, the heterogeneity of the formation is dis-
cernible and similarities exist with the structure of some
flysch types. Hence the GSI chart for heterogeneous rock
masses (Marinos et al. 2011) can be used. This version of
the chart, for fissile molassic rocks had been presented by
Hoek et al. (2005). These values were also confirmed dur-
ing tunnel construction.

2.6 Intact rock properties

A large number of results from laboratory tests regarding
the intact rock properties have been presented by Marinos
& Tsiambaos (2010). It is evident that the strength and de-
formability parameters of siltstone are lower than the cor-
responding values of sandstone, but this difference is not as
significant as in the case of flysch ground types (Table 2).

3 BEHAVIOUR TYPES

The high strength of the molassic rock mass compared to
the in situ stresses at shallow to medium depths, does not
qualify serious stress-induced phenomena. The dominant
failure mode in tunnels is the gravity driven falls and slides
of blocks and wedges defined by intersecting joints and
bedding planes. It should be underlined though, that this
behaviour has been verified during construction of tunnels
under a maximum overburden of 110m and shall not be
considered for much greater depths.

Generally, the behaviour of the molassic formations during
tunnelling depends on three major parameters. That is (a)
the structure, (b) the dominant rock type intact strength
and (c) the depth of the tunnel. Therefore the expected
behaviour types can be illustrated in Fig. 2. These behav-
iour types are distinguished in two areas (M1 and M2, see
Fig. 2):

- Stable (St), in the case of intact, massive structure and
shallow to medium depths. As the tunnel depth increases,
stable behaviour with negligible deformation is observed
for sandstone or conglomerate dominated formations.

— Stable (St), with only limited deformation (Sh), especially
in cases of siltstone dominated formations, under signif-
cant overburden. The magnitude of the resulting defor-
mation depends on the strength of the siltstone and the
tunnel depth. Serious deformation has not been encoun-
tered in the Egnatia tunnels, as the maximum depthwas
limited to 110 m.

- Wedge failure (Wg), in cases of blocky structures and
shallow to medium depths. As the tunnel depth increases,
the same behaviour with insignificant deformation is ob-
served for sandstone or conglomerate dominated forma-
tions. The increasing confinement with depth may result
in less frequent wedge failure incidents (St-Wg). A
slightly different failure mechanism can manifest in the
case of thin-bedded formations with almost horizontal
bedding planes. Failure of rock plates due to selfweight
from the crown area may be frequent and intense once
their base is exposed, due to deconfinement that may
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Type 1

Thick to « Thick sandstone layers (>5m), separated by sparse thin
medium siltstone intercalations (few cm).

thickness « Sandstones have generally high strength, which can be
sandstone bads  lower when they are silty or marly.

with sporadic « Compactin depth, but near the surface silty or marly
thin films of sandstones may exhibit separation parallel to the bedding.
siltstone

« Sandstone beds with thickness from 50cm to few meters

Type II (~ 5m). They are separated by siltstone intercalations, few
Sandstone with  cm to 30cm thick.

siltstone « In depth, though heterogeneous, is uniform and compact.
interlayers Near the surface may exhibit some separation and

loosening with friable parts.

» Systematic alternations of siltstones and sandstones, with
Type II1 banks thickness of few tens of centimeters to few meters
Rockmass with  (~5m), in similar proportions.
sandstone and - At depths (>~ 6-10m), rock mass is massive and
siltstone similar  continuous. Near the surface is laminated.
amounts « Lithologic heterogeneity and other discontinuities, only at
the surface due to splitting.

« Low degree of weathering in depth but high near the
Type IV surface.
Siltstone with « Siltstone beds are formed by thin to medium thick layers.
sandstone Sandstone layer are usually thin (~10-20cm).
interlayers « Main discontinuity is the bedding, showing great persistence
(>10m) but is strongly sealed and "virgin".

« Main level of weakness is the bedding.

« Large strength variation. Can be fresh to completely
Type V weathered.
Siltstone with . In the non-weathered nature (depths>~6-10m), formation

sparse is massive (the bedding is unnoticeable or "virgin®).
?ﬂ"ds‘u‘ﬂﬂe «In surface, bedding and discontinuities separate the
interlayers siltstone (air-slaking), resulting in complete collapse of the

fabric. May have expandable clay minerals.

« Found in intercalations and less as an independent thick

Type VI horizon. .
Conglomerate  « Cementation may be weak to moderate, when comprised of

silty-clayey materials, and strong when matrix is calcitic.

Figure 1. Typical types of molassic rock masses on tunnel faces in Egnatia Highway.
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Table 2.  Molasse intact rock properties (Marinos & Tsiambaos 2010).

o.i (MPa) E; (GPa) MR =Ei/og
Rock material  n min max n o min  max g o n range 7 R?
Sandstone 238 108 116.7 351 21.1 20 313 88 74 123 100260 170 0.87
Siltstone 152 1.92 5.1 169 108 0.7 91 30 19 58 120-220 160 0.87
Conglomerates 165 5.0 682 231 139 1.1 194 74 5.1 79 180-670 375 0.69

o,;: intact rock uniaxial compressive strength, E;: intact rock deformation modulus, MR: Modulus Ratio, n: number of samples,
min: minimum values, max: maximum values, p: mean value, o standard deviation.

cause subvertical tension cracks. Such unfavourable con-
ditions have to be faced, in order to avoid systematic
overbreaks.
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Figure 2. Tunnel behaviour chart for typical molassic rock
masses, based on the chart produced by Marinos (2012).

- Wedge failure, with only limited deformation (Sh-Wg), in
the case of siltstone dominated formations, under signif-
cant overburden. The magnitude of the resulting defor-
mation again depends on the strength of the siltstone
and the depth of the tunnel.

- Extensive wedge failure that can evolve into chimney
type failure (Ch-Wg), in the case of weathered and dis-
turbed structure, close to the surface (portal areas or
tunnelling in shallow depth under streams or gullies), due
to slaking of the siltstone parts.
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- Frequent wedge failure that can evolve into chimney type
failure (Wg-Ch), in the case of very blocky rock masses
due to faulting. In the case of siltstone dominated forma-
tions in medium to large depths, limited deformation (Sh)
can occur. It is reminded that serious deformation has
not been encountered in the tunnels of the Egnatia High-
way, as the maximum depth of the tunnels was 110 m.

Concerning water inflows, limited presence of water has
been met in the 12 tunnel projects, which occur mainly in
the form of increased moisture to drip. In some rare cases,
occasional or continuous low flow at various locations
mainly in sandstone-siltstone contact layers and along ma-
jor discontinuities has been encountered. Nevertheless, this
presence degrades the characteristics of the discontinuities
and should be taken into account when assessing the geo-
technical characteristics of the formation.

The low geotechnical properties of the molassic formations
close to the surface have led to several slope failures in the
portal areas. These failures were not guided from pre-exist-
ing discontinuities such as the bedding planes, but they
were associated with the development of a new circular-
shaped surface through the weak rock mass. Fig. 3 shows a
typical slope failure in conglomerates at the entrance of
Karatzas tunnel in Egnatia Highway.

Figure 3. Landslide in mollasic formation at the entrance
portal of the Karatzas tunnel in Egnatia Odos.

4 TUNNEL SUPPORT

The support philosophy in molassic formations shall take
into account the rock mass structure and the observed fail-
ure mechanisms, in relation to the tunnel depth as de-
scribed above. These approaches for the philosophy of
temporary support categories have been shaped based on
the geotechnical behaviour of the molassic formation, as
well as on construction data. In the Egnatia Highway tun-
nels through molassic formations 54% of the total length
has been excavated implementing a support category with
shotcrete shell, bolts, steel sets and light spilling. A very
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light support category containing a thin shotcrete shell and
a sparse grid of bolts has been adopted for the 38% of the
total length. Finally a heavy support category with thick
shotcrete shell, steel sets, forepolling and fibreglass nails
have been implemented in only 6.5% of the total length
and mainly at the area of the portals. Therefore, away from
the ground surface, where the rock mass is subjective to
surface weathering conditions and any possible fault zones,
there are two basic types of temporary support sections
that could be applied.

The first type concerns stable conditions with only local
gravity type failures and small to insignificant deformation
(Fig. 4). This is the most common case for all molasse
types in depth and shall be applied for low to medium over-
burden, or even under higher overburden in cases of sand-
stone or conglomerate domination. The temporary support
consists of a thin shotcrete layer and a pattern of rock
bolts, whereas the excavation step can be 3-4 m. Addition-
ally, it is proposed to apply wire mesh to avoid small rock
falls instead of fibre reinforced shotcrete. The first 3-5 cm
thick layer of shotcrete applied on the exposed rock mass
surfaces as soon as possible seals and protects the siltstone
layers from slaking. The rock bolts pattern strengthens the
rock mass, keeps it confined and prevents possible gravity
driven falls of relaxed, structurally defined blocks or
wedges, or falls due to decompression of the, otherwise,
sealed bedding planes. The addition of a second layer of
shotcrete, reinforced either by wire mesh or by fibres, cre-
ates a complementary shell, incorporating the rock bolts’
heads and ensuring overall stability of the excavation.

SWELLEX TYPE ROCK BOLTS
(RIOCK MASS REINFORTEMENT
& CONFINEMENT, PREVENTION
OF GRAVITY DRIVEN FALLS) \
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f) {PROTECTION FROM SLAKING,
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Figure 4. Typical support design for the molassic formations
of category M1 (see Fig. 2).

The second support section type (Fig. 5) for sound molasse
away from portals or faults refers (a) to conditions with
frequent wedge failures due to the geometry of major dis-
continuities and the conditions already presented (horizon-
tal bedding planes) and/or (b) to cases of weak rock (e.g.
siltstone) dominated molassic formations under consider-
able to high overburden. Additionally to the shotcrete and
the rock bolts, light steel sets may be required, whereas
the excavation step has to be limited (around 2 m), in order
to avoid any wedge formation or significant deformation in
the case of large depths.

For the weathered molassic formations close to the tunnel
portals or the heavily jointed and weak molassic rock
masses within fault zones, there is need for a more stiff
support, by means of heavier steel sets and a stronger
shotcrete shell. Attention shall be given to cause minimum
disturbance to the surrounding geomaterial, by minimizing
the excavation step (~1 m). Additionally, it may be neces-
sary to stabilize the tunnel face, using face reinforcement
measures (e.g. fibreglasss nails) or face protection schemes
(e.g. spiles, forepole umbrella), in order to avoid progres-
sive detachment, deconfinement and creation of chimney
type failures.
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Figure 5. Typical support design for the molassic formations
at portal areas, near the surface or in the vicinity of
faults/shear zones (Category M2, see Fig. 2).

5 CONCLUSIONS

The paper concentrates on the engineering assessment of
the molassic formation, on the issues of design parameters
and tunnel support. Detailed records from the design and
construction of 12 tunnels with lengths of 385m to 1520m
and under maximum cover up to 110m were evaluated.

The molasses characterize a sequence of alternations of
sandstones, siltstones-mudstones and conglomerates. The
molasses form rock masses with dramatically different
structure when they outcrop or are close to the surface and
when they are confined in depth. In depth they are undis-
turbed and massive since they have not suffered from com-
pression, shears and thrusts. In outcrops they appear het-
erogeneous, disturbed and sometimes loose to disintegrate.
For the assessment of rock mass properties, GSI charts for
molasses (Hoek et. al. 2005) were used. This assisted to
the construction of almost all tunnels with lighter support
measures. The validation of the proposed GSI charts for
molasses is discussed.

The dominant failure mode in the tunnels was wedge falls
and slides of blocks. Deformation problems experienced
under the maximum overburden of 110m were minor. A
medium support class was generally applied and in many
cases steel sets have not been applied and the support
class has changed to a light category with rock bolts and
thin to medium layer of shotcrete. Tunnel face pre-support
with spiles was only used when immediate gravity driven
failures were anticipated, due to the geometry of forma-
tions and the loosening of the rock mass.
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Elastic response of laterally loaded rock sockets
using 3D finite element analyses
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ABSTRACT: The paper presents a numerical study of the
elastic response of laterally loaded rock sockets. Sockets
are loaded at the top with transverse forces and bending
moments and the corresponding displacements and rota-
tions are calculated. 3D finite element analyses are carried
out to investigate the effects of shaft length, relative stiff-
ness of socket to rockmass and the ratio of the applied
moment to shear force. The rockmass is assumed to be
linearly elastic, as rock sockets rarely reach the rockmass
strength. However, socket-ground interface elements are
used along the periphery and at the socket base in order to
simulate separation and lift-up effects on the response. The
results of the analyses are compiled in semi-empirical di-
mensionless relationships giving the socket stiffness in
terms of the important parameters. The produced results
show significant differences compared to the results of nu-
merical analyses reported by Carter & Kulhawy (1992)
where separation and lift-up effects were not included.

1 INTRODUCTION

Rigid sockets are nowadays an effective foundation type of
structures founded with tall piers. The specific foundation
undertakes significant horizontal loads and bending mo-
ments, thus it undergoes considerable horizontal displace-
ment and rotation on its head.

Two different approaches are met in common engineering
practice for the estimation of the aforementioned socket
head deformation. One approach involves the subgrade
reaction methods, including numerous methodologies of p-y
curves for rock that serve the presence of non-linear, hori-
zontal springs along the socket (Reese 1997, Gabr et al.
2002). On the other hand stands the elastic continuum the-
ory, which treats the rigid socket as an equivalent spring
with three independent degrees of freedom for the pre-
scribed loading conditions (Douglas & Davis 1964, Carter &
Kulhawy 1992).

The scope of the present paper is the evaluation of the
socket head deformation predictions proposed by the most
recent methodology of the latter approach. Furthermore it
is attempted to derive corresponding closed-form equations
through 3D finite element analyses, taking into account the
frictional behavior and the possible separation between the
laterally loaded rock socket and the surrounding rockmass.

2 THE CARTER & KULHAWY METHOD
2.1 Assumptions

In the present chapter, a thoroughly determined methodol-
ogy is described for the calculation of horizontal displace-
ment and rotation of the socket head, namely the Carter &
Kulhawy method (1992). The specific methodology has pro-
vided the engineering community with closed-form equa-
tions for the calculation of the aforementioned deformation,
referring to rigid and flexible shafts. The present study in-
vestigates the behavior of rigid rock sockets, therefore only
the part of the Carter & Kulhawy method with respect to
rigid shafts is presented herein.

The socket is simulated by a hollow, cylindrical shaft of ef-
fective Young’s modulus (Ec), Poisson’s ratio (ve), length (L)
and diameter (D). For a rigid socket with stiffness (EI). -
(E) for the Young’s modulus of the socket construction ma-
terial - the effective Young’s modulus (Ee) is calculated
according to Equation 1.
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The rock socket is considered perfectly elastic, installed in a
homogenous, isotropic, elastic rockmass space with Young’s
elasticity modulus E, and Poisson’s ratio v.. Thereafter, the
socket head is subjected to prescribed lateral loading (H)
and bending moment (M).

The study of Carter & Kulhawy (1992) uncovered that the
effect of the rockmass Poisson’s ratio (v,) is represented by
the secant shear modulus of the rockmass, defined by
Equation 2.

. v
-G | l+—= 2
F ( * 4J @

where G, =the shear modulus of the isotropic rockmass.

For homogenous rockmass, it was determined that the de-
formation of the shaft head at the level of the rock surface
depends on the relative moduli of the shaft and the sur-
rounding rockmass (E./G*) and the geometry of the shaft
(L/D). Especially for rigid shafts, the graphs of Figure 1
were formed from the finite element analyses carried out by
Carter & Kulhawy (1992), demonstrating the dimensionless
shaft head displacement or rotation against the shaft-
rockmass relative stiffness (E./G*). The pointed curves in-
dicate that a laterally loaded shaft shall behave as rigid
when the condition of the mathematical formulation (L/D) <
0.05 (E./G*)¥? is met.

2.2 Prediction of the response of rigid shafts

Since the rock socket meets the rigidity conditions of Figure
1, it is considered rigid according to the aforementioned
methodology. The closed-form solutions for head displace-
ment (u) and rotation (8) of such sockets are described

according to Carter & Kulhawy (1992) by Equations 3 and 4
respectively.
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3 THE 3D FINITE ELEMENT SIMULATION

Numerous 3D finite element models of the single, free-
head, laterally loaded socket are designed in the commer-
cial code ABAQUS. Solid, 8-node, full integration finite ele-
ments are used to model the rockmass and the rock socket.
The boundaries of the model are set to 6.5D, 2.5D and 5D
from the center of the socket head along x, y and z axis
respectively, where D is the socket diameter. At this point,
it is important to clarify that the socket is simulated by a
solid, elastic, reinforced concrete shaft of diameter D=5m
with Young’s modulus E=25 GPa. Therefore, the effective
Young'’s modulus according to Equation 1 is Ec =E. Various
socket-rockmass relative stiffness ratios have been ana-
lyzed, namely E/G* = 10, 50, 100, 150, 500, 750, 1000 in
order to examine the rigidity criteria of the sockets involved
in the specific analyses. Furthermore, rock sockets with
slenderness ratios L/D = 1, 1.2, 1.5, 1.8, 2, 3 are included
in the present study. However, not all the combinations of
slenderness ratios and relative stiffness ratios refer to rigid
sockets. Therefore, a specific procedure is carried out aim-
ing at the determination of cases that shall contribute to
the formation of the desired closed-form equations for the
response of rigid sockets (see Section 4).
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Figure 1. Lateral load-displacement (up) and moment rota-
tion (down) relations according to Carter & Kulhawy (1992).

The rock socket is loaded with a concentrated lateral head
load H=20 MN - the load is applied in specific load incre-
ments. Moreover, concentrated head moment M = 0, 300,
600MNm is applied in equivalent increments, standing for
eccentricity values e= M/H = 0, 15, 30 m respectively.

With respect to the socket-rockmass interaction, two differ-
ent approaches are simulated in the finite element code.
Initially, a hard contact is modelled between the rock
socket and the surrounding rockmass in order to verify the
predictions of the Carter & Kulhawy method for the rigid
shaft response. The specific simulation is adopted, due to
lack of shaft rockmass separation effects in the finite ele-
ment analyses carried out by Carter & Kulhawy (1992). The
second approach involves the simulation of socket-
rockmass separation and friction through specially cali-
brated surface interactions. An exponential clearance pres-
sure law is incorporated for the surface interaction in the
normal direction, allowing for the separation of the socket

from the surrounding rockmass and the lift-up effects of the
socket base (Fig. 2). The Mohr-Coulomb friction criterion is
applied to simulate the shear stresses developed between
the rockmass and the socket. The friction angle of the spe-
cific interaction is considered 6=(2/3)¢p, where ¢@=the in-
ternal friction angle of the rockmass with values ranging
between 30--45-, depending on the rockmass properties.

4

Figure 2. The 3DFEMmodel with socket-rockmass surface
interaction (cut along the loading axis of the socket).

4 PREDICTION OF RIGID SOCKET ELASTIC RESPONSE

The predictions of the present study for the elastic response
of rigid rock sockets are demonstrated in the current sec-
tion. Output from both hard contact and friction-separation
approaches is presented herein, referring to the socket-
rockmass interaction. Thus, the predicted elastic response
of rigid sockets for the two aforementioned simulations is
available for direct comparison. Furthermore, a comparative
depiction of the predictions proposed by the present study
against the solutions suggested by Carter & Kulhawy
(1992) is attempted.

4.1 The effect of the surface interaction simulation

Although the problem under consideration is linear in terms
of materials, certain non-linearity occurs due to the compli-
cated socket-rockmass surface interaction (see Section 3).
A parametric study of the eccentricity is carried out in order
to determine whether the surface interaction affects the
calculated socket head deformation. More specifically,
graphs of horizontal socket head displacement (u) and rota-
tion (B) against the eccentricity (e) are plotted for certain
slenderness ratios (L/D) and various socket-rockmass rela-
tive stiffness ratios (E/G*) (Fig. 3). A linear distribution of
socket head deformation against the load eccentricity is
observed. Consequently, the socket-rockmass surface in-
teraction does not affect the linearity of the calculated
socket head deformation.

4.2 Determination of rigid sockets

In the following paragraph, all the possible comparisons of
socket-rockmass relative stiffness ratios (E/G*) and socket
geometries (L/D) are taken into account in order to define
perfectly rigid sockets, according to the finite element
analyses results. In line with the procedure demonstrated
by Carter & Kulhawy (1992), the rigid sockets of the pre-
sent study exhibit head deformation that is independent of
the socket-rockmass relative stiffness (E/G*).

Each deformation results from two components: the defor-
mation due to the lateral load (H) and the corresponding
one due to socket head moment (M). The general form of
the socket head displacement (u) and rotation (8) is de-
picted by Equations 5-6 respectively:
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Figure 3. Linear distribution of socket head horizontal dis-
placement (up) and rotation (down) with load eccentricity.

b=u, tu,y, (5
|€: 9H+€;’L:‘ (6)

where uy and 8y are computed by numerical analyses with-
out the application of any bending moment (M=0) on the
socket head. On the other side, u and 6 are computed by
the analyses carried out for any desired eccentricity value

(e).

Specific graphs are designed, illustrating dimensionless
mathematical formulations of the socket head horizontal
displacement and rotation against the socket-rockmass
relative stiffness ratio (E/G*). Figure 4 depicts that the di-
mensionless deformation tends to depend less on the stiff-
ness ratio (E/G*) with the increase of the latter.

As a consequence, for each socket slenderness ratio (L/D)
certain values of stiffness ratio (E/G*) are set as lower
boundaries for the characterization of rigid sockets, as
demonstrated in Table 1.

Table 1. Lower relative stiffness boundaries for rigid
sockets.

Slenderness ratio  Relative stiffness Relative stiffness

(L/D) Hard contact (E/G*)  Interface (E/G*)
1 100 150
1.2 150 150
1.5 750 150
1.8 750 150
2 750 500
3 750 750
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Figure 4. Dimensionless deformation against relative stiff-
ness for the hard contact surface interaction approach.

4.3 Proposed socket head deformation equations

The aforementioned cases of rigid sockets are processed in
order to develop closed-form mathematical formulations for
the prediction of socket head deformation, assuming either
hard contact or sliding and separation effects between the
foundation and the surrounding rockmass. The derived
equations shall have the general form of Equations 7-8.

F:A(G?D][%LB(G%E](%T .
o5 )5 (x5 e

Consequently, the coefficients A, a, B, b, C, ¢ have to be
determined. In the previously presented equations it is ob-
vious that coefficients B, b are common for displacements
and rotations, thus representing the coupled spring stiff-
ness.

Three separate charts are drawn from the finite element
analyses output of each socket-rockmass interaction ap-
proach (hard contact or separation and sliding) in order to
determine these coefficients. The graphs of Figure 5 depict
dimensionless forms of uy, u, 6y, 6 on the vertical axis
against the slenderness ratios (L/D) of the rigid sockets
selected in paragraph 4.2 on the horizontal axis. Thereaf-
ter, hyperbolic trendlines are drawn aiming at calculating
the aforementioned coefficients. Figure 5 demonstrates the
calculation procedure of A, a, B, b, C, c for the friction-
separation surface interaction approach.

As a result, the closed-form Equations 9-12 of the present
study are derived, referring to rock socket head deforma-
tion for:
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Figure 5. Calculation of the coefficients A, a, B, b, C, c for
the friction-separation surface interaction approach.
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4.4 Verification of the proposed deformation predictions -
Rigidity criterion

The derived closed-form predictions of the previous para-
graph are verified in the present section. Initially, the frac-
tional difference between the predicted deformation and the
one calculated directly through the finite element analysis is
investigated. Figure 6 shows that the expected error for the
predicted rigid socket head horizontal displacement and
rotation is lower than 5% and 15% respectively. For the
loading conditions imposed to the sockets of the 3D finite
element analyses, the calculated socket head rotations
were significantly lower in numerical terms than the hori-
zontal displacements. Therefore, higher numerical errors of
the predicted rotation are occasionally expectable and ac-
ceptable.
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Figure 6. Fractional difference between the proposed dis-
placement (up)/ rotation (down) and the corresponding FEA
results.

Subsequently, all the sockets analyzed in the finite element
code ABAQUS are incorporated in the graphs of Figure 7 in
order to locate cases of sockets that can be characterized
as rigid, although they do not meet the conditions of Table
1. Figure 7 depicts the possibility of expanding the rigidity
criteria of paragraph 4.2, with an acceptable error £10%.
An attempt is made to define a numerical formulation of the
form (L/D) < a(E/G*)? between the slenderness ratio (L/D)
and the relative stiffness ratio (E/G*) of the socket. The
specific procedure involves the determination of coefficients
a, B through charts of the variation of the closed-form pre-
dictions from the finite element analyses results against the
quantity a=(L/D)/(E/G*)?, concerning the horizontal dis-
placement.

For the specific graphs, various values of the parameter B
are tested, ranging between 0.2-0.5. Finally, aiming at the
incorporation of the largest possible amount of (L/D)-
(E/G*) combinations in the rigidity criterion, Equations 13
and 14 occurred for rigid socket determination of both
socket-rockmass interaction approaches (see Section 3).
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4.5 Differences from the Carter & Kulhawy method

The fractional difference between the proposed closed form
predictions of the present study and the ones proposed by
Carter & Kulhawy (1992) are depicted in the graphs of Fig-
ure 8. The specific difference is plotted against the slender-
ness ratio (L/D) for all the cases considered rigid according
to Carter & Kulhawy. A peak divergence of 20% is observed
between the compared displacements, while the corre-
sponding difference for the rotations is about 40%.

4.6 Differences between the predictions of the hard contact
and the friction-separation approach

The fractional difference between the calculated socket
head deformation of the hard contact approach and the
friction-separation simulation is depicted in Figure 9. Evi-
dently, a divergence is observed, ranging between 40%-
80% for the horizontal displacement - similar difference is
noticed for the rotation. The aforementioned differences are
attributed to the separation and sliding effects simulated by
the socket-rockmass surface interaction.

4.7 Prediction of deformation with interface from hard con-
tact output

A final contribution of the present study is to propose a
specific numerical procedure for the prediction of socket
head deformation by utilizing the output from hard contact
finite element analyses and the closed form equations de-
rived from analyses with interface properties on the socket-
rockmass surface interaction. Thus, significant computa-
tional cost shall be spared. Specific multiplying factors are
proposed for each component of Equations 9 and 10 in or-
der to calculate the deformation of the socket head. Equa-
tions 15-16 present the aforementioned factors.
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Figure 8. Fractional difference between the proposed pre-
dictions of the current methodology and the predictions of
Carter & Kulhawy (1992).
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5 CONCLUSIONS

A thorough study has been carried out on the elastic re-
sponse of laterally loaded rigid rock sockets. The deforma-
tion of the socket head is investigated and specific closed-
form predictions for the respective horizontal displacement
and rotation are proposed, derived from 3D finite element
analyses of the commercial code ABAQUS. Furthermore, a
direct comparison of the aforementioned equations to the
predictions of Carter & Kulhawy (1992) for rigid sockets is
attempted. The conclusion is drawn that the estimations of
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the present method are more conservative. This observa-
tion is attributed to the simulation of sliding, separation and
lift-up effects of the socket against the surrounding rock-
mass in the present study. Finally, a set of multiplying fac-
tors are delivered in order to predict the rigid socket head
deformation from finite element analyses output without
socket-rockmass surface interaction.
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Zuvedpia 1: Alaxeipion Y3aTikwv nopwv

1.1 O1 udponAekTpikoi oraBuoi Tng AEH A.E. ka1 n
OUMBOAR TOUG OTNV JlAxXEipion TOV USATIKOV no-
pwv, 1. Apyupdakng

1.2 Z0oTnpa unooTnpIENG anoPAacewyv yia Tn diaxeipi-
on USPONAEKTPIK®OV TAHIEUTHPWV — EqpapHoyn oTo
udpooloTnua AxsAwou-Oeocoaliag, Avdpéag Eu-
oTpaTiadng, AnuATPNG =Te. MnoulimwTag, Kar AnuATPNG
KouTtgoyiavvng

1.3 Aigpelvnon Jdnpioupyiag TAMIEUTHPWV OTO ARHO
Iepanerpag KpATNG ME TNV KATAOKEUR HMIKPOV
ppayparmv, K.A. Kouhoupng, kai N.I. Moutaepng

1.4 Y@iorageva ®pdaygara yia Tnv 'Ydpeuon Tov AOn-
vov, Mevélaocg I. KwvoTavtakog

1.5 Evioxuon TnG YépodoTnong TnG Meifovog MNepioxng
™G MNMpwTtetoucag kai AAAwv MNepioxwv pe Kara-
okeun Néwv dpayparmv, Mevélaog I. KwvoTavTtakog
kal AnunTpiog AvT. NikoAdou

1.6 MpoodIopICHOG ISIAITEPWG TPOMNOMNOINHEVWV Kal TE-
XVNTOV udatnivov copatmv (ITYZ-TYZ) andé ¢ppay-
HATA Kal TAHIEUTAPEG CoUHP®WvVAa MHE Tnv odnyia
2000/60/EK kai {ntrpara kaBopiopolU nepifaA-
AovTik®V napoxmv, I. A. Niadag, M. AvTtwvapdnouAog
Kal ZuvepyaTeg A.M.E, N-Z. Kaipdakn,E. F'kouBdaTtoou kai
S. TacoyAou

Zuvedpia 2: Ppayparta Kai nepiailiov
2.1 AvTipeT®ONION NEPIBAAAOVTIK®OV £NINTOCE®V YHE
IAapinva kai kKOOTOG epapHoynG NEPIBAAAOVTIKOV

opwv, A. l'ewpyldnouiog, M. Nipakou, E. NkouBaTtoou
kal X. Kaipakn
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2.2

2.3

2.4

2.5

STOXAOTIK avdAuon Kdal NPoCOMOoinon USPOHETE-
WPOAOYIKOV JIgpyaci®ov yia Tn PBeATioTonoinon
€vOG UBPISIKOU CUOCTAHATOG AVAVERDCIHNG EVEPYEI-
ag, XpnoTog Iwdvvou & Mwpyog Toekoupag, Avdpéag
EuoTpaTiddng kar AnunTtpng Koutooyiavvng

AvanTtuén HeBodoloyiag HETPNONG kKal NPOBAewn
EKNOHNNG AEPiwV TOU OpHoknniou and Tov Tagi-
gutiipa Tou YHE IAapiwva, I'. I. Mekpidng, E. 1. Apa-
vaTidou, I. I. Manadonoulog, E. I. TpikoiAidou & I. M.
ZapiwTtng kai A. E. Mpipgna

Mikpo Y3ponAekTpikd '‘Epyo Aapvolwvapa-Zavidi
oTov n. AxeAwo. MepIBaAAovTikKOG ZXeJIAOHOG Kal
Epnegipia and tnv péXpl Topa AsiToupyia Tov Ava-
TPpENOHEVWV Oupoppaypatwv (Raygates), I.M.
Ztepavakog, MN.I. Toikvdkou. S. Chevalier kai E.E. Pap-
niag

DUCIKOXNHIKG XapaKTNPIoTIKG VEpPOU TpoPodoaiag
Tou TapieuTipa YHE IAapiwva kail enidpaocn aut®v
oTNV NoioTNTA TOU VEPOU Tou, E.I. TpikolAidou, I. 1.
Mekpidng, .M. Zapiwtng, E.I. Apavaridou, I.I. MNana-
donouAog kai A. E. Mpipna

Zuvedpia 3 : YOpONAeKTpIKaG £pya

3.1

3.2

3.3

3.4

3.5

Texvikn napouciaon Tou €pyou: Evepysiakn aio-
noinon Tou ®payparog Morapwv P£OUPvou - Y-
BpP181KOG ZTaONOG 50 MW, T. NikoAdou kal E. Mapay-
KAKNG

AuvaTtoTNTEG KATACKEUNG EPYWV daAnoTApdieuong
HEOW AavTAnong oc nepPIoXEG TNG HneipwTiknG EA-
Aadag, 1.M. STepavakog

AuvaTtoTnTEG avanTu§ng HEYdAwVv YOpOonAeKTpIK®OV
‘Epywv oTnv ‘Hneipo. Zx€dia avantuing Awou -
Sapavranopou - KaAapa, I1.M. ZTeqpavakog

Y3ponAekTpika ‘Epya - NMpoonTikn yia Avantu§n pe
‘Epya MeydaAng Eyxwpiag NpooTi®€puevng Agiag, I.M1.
STepavakog, M. Toikvakou kai X. Manaxatdakn

Y3ponAekTpiko ‘Epyo KaoTpakiou oTtov notapo A-
XeAwo. Egnelpia and Tnv eykaraoracn Kai TNV He-
Xp! TOpa AsiToupyia Twv AvaTpenOHevwv Oupo-
ppaypatmv (Raygates), I.M. Ztepavakog, I. A. Mau-
pog kai S. Chevalier

Zuvedpia 4 : AopalAsia - Makpoxpovia Zupnepi-

4.1

4.2
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Popa PpaypHdaTwVv

Nopo0£éTnon TnG AcPdaA&eiag Tov TAHIEUTAPWV OTH
Kunpo, Afjpog Avtwviou

dpaypara kai Angoocia Ao@dlAsia, =.I. Ziaxou, I.
®avonoulog, kai I. Mnebavng

4.3

4.4

4.5

4.6

ZUYKpION HAONHATIKOV OHOIOHATOV J103sUong
NAnpUUPIKOU KUPATOG and unoBeTikl Opauvon
ppayparog Ayiokapnou, >.N. Mixag, K.I. NikoAaou,
Z.A. Aalapidou kal M.N. Mikouvng

Ta névre @paypara Tov YHE TnG koilAadag 7 ni-
pouvi®v otnv Kévua, MNwpyoc Ntouviag kai Iwavvng
KapaBokupng

AVTIHET®NION ACTOXIOV OE (PPAyHara HIKPoU U-
youg, nepinTmwon épywv AiBadiou (6éon Koutn)
kai ApnegAakiov, otnv MN.E. Adpioag, I.M. Ziokog, kai
1. ®@avonouAog

FewAoyikf Kal YEWTEXVIKA a§loAd0ynon TnG CUM-
nePIPOPAG TOU PPAyHaToG MOpvou HETA TNV CUH-
nAnpwon 35 eTov and Thv évapin nARpwong, Ba-
gileiog 1. SouAng, Avtwvng AyysAonoulog, kal OEkAa
BapoTon

MepinTepa TEXVIKAG €KBEONC

Zuvedpia 5 : ZXe31A0HOG DPpAYHATOV

5.1

5.2

5.3

5.4

5.5

5.6

5.7

5.8

dpaypara Mvnueia - Mvnueia ka1 ®dpaypara, X.
ToaToavipog

MeAétn ka1 oxediaocpog dpayparog noAAanAng
okonipoTnTag OpeIvAG Zepp@v, B.A. Mahiokag, Z.M.
Manadnpag, kar M.B. MaAiwka

EkTignon Ztepsonapoxng kai Aiaxpovikng Evano-
0gong ‘'Oykou depTdv YA®V oTtov TAMIEUTAPA TOU
YHE IAapiwva, M. Migikou, I. Mavayoénoulog kar X.
MakponouAog

ZXeJIa0HOG nNAcupIkOoU UNEPXEIAIOTH PPAYHATOG
NeoTopiou pE UBPauAikO opoiwpa, M. Mpivog kal O.
KogTng

EkTipnon ouvTteAeoTn aoc@alAsgiag yia Tnv kadifnon
NG OTEYNG XWHATIVOV ppayHaTtwv, .1. MubapolAn
kal =.K. =ZTeipog

YnoAoyioTikny NMpooopoiwon oAicBaivouocag pong
oe BaOUIdwTO unepxelAioTi, M. Toakipn kai M. Mpi-
VoG

A1BOppINTA avax@para HE avavrn nAdka oKupo-
JépaTog : npoBARpATa Kail BEATIOOEIG OTO OXEDIA-
OMO, I. Oavonouhog

BaBi1£g naAai£g d1anepaTEG KAAUMMEVEG KoiTEG (na-
Adi0KoITEG) NOoTApoOU KAl 0 AavTiKTUNOG TOUG OTNV
avantuin Tou Zxediou YdponAekTpikng Alonoin-
ong Tou notagoU Guayllabamba, oto Ekouadop
TG NoTiag Apepikng, N. KaliAng
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5.9 Aigpelvnon kal oXediacpog oUuvdeong diappayua-
TIKOU TOiXOU HE NUPAVA YEW@PAyHaTog, A. B. AU-
kou, N. I. MouTtapng

5.10 H geA£TN TOU apdEUTIKOU PpaypaTog ZoA€ag oTnv
Konpo, Nikog MaAatéotag, NMwpyog NTouviag, . =a-
keAAapiou kal K. KatoaBpacg

5.11 EmiAoyn 06f¢ong¢ kair TUNOU PPAYHATOG TOU Udpo-
nAekTpikoU £pyou Chontal oto Ecuador, N. I. Mou-

TaPng

5.12 O poAog kai ol 1I310TNTEG TOU PiATpOU TNV avavrn
napeia nupnva yew@paypatmyv, N. I. Moutdgpng

Zuvedpia 6 : YAIka KaTtaokeung - ‘EAgyxol

6.1 MpPoodIopPICHOG NAPAYOVT@WV Nou €nidpoUv OTHV
avToxn HeEIyHaTwv ZkAnpoU Enm®parog. H spnel-
pia Tou ®dpayparog PiIAiaTpivoU, X. Mkoupag kar X.
Oppavag.

6.2 To ®payHa Bpaxou KaoTtopidg — lNoloTIKOG £Aey-
XOG Kdl CUMNEPIPOPA kata Tnv S1IdpKEIa TG KaTa-
OKeURNG, A.I'. KoUpouAhog, kai ©.1. KopyiaAog

6.3 Mia véa OUOKeUR GpeEONG J1ATUNONG Yyia Xov3po-
KOKKa £3a®n kal €d3a@pn HE HEYAAd CUCCWHAT®-
HaTa. MeTpROEIG SIATHNTIKNAG AVTOXNG Kal HeETAaBo-
A®v oykou, M. Mnapdavng, Z. KaBouvidng, kar T.
NTouVIag

6.4 O1 €UHECEG MEOODOI METPNONG TOU OYKOHETPIKOU
nooooToU uypaciag Kai n 3uvaroTnTa Xprnong Toug
OTOV MNOIOTIKO £AEYXO0 TNG KATUOKEUNG XWHATIVOV
ppayparmv, M. Mnapdavng

6.5 Mia véa epyacTnpiaki) CUCKEUN Yia Tn HEAETN TNG
HAKPOXPOVIAG CIHEVTOWONG QIATpOWV PPpaAYyHATOV a-
noé 6pauotda acBeoToAiBIka uAika, M. Mnapdavng =.
KaBouvidng kai I'. NTouviag

Zuvedpia 7 : EEeAi&eig oTOV AVTIOEIOHIKO OXEDI-
acuo

7.1 ®paypara TeApatwv MetalAsiov ZTpatwviou u-
noBaAAopeva otnv Tektovikn Aiappnén Tou uno-
KEINEVOU CEICHOYEVOUG PlyHaToG Tou Z€ICHOU TG
IepioooU 1932, 1. AvactacdnouAog, kai I. Fkalerag

7.2 Zeiopikn AvaAuon Xopartivou ®dpaypatog AoTepi-
ou, E. Fapivn, ®. FeAaywTtn kai . N'kalétag

7.3 YNOAOYIOHOG OEICHIKAG 0OUVi{nongG Kdl HOVIH®WV
HETAKIVIIOEWV QPAYHATOV HE avavrn nAdka oku-
podéparog, A.N. EyyA&dog.

7.4 AVTICEIOHIKOG OXESIAOHOG XWHATIVOV Kal AIBdppi-
NTOV QPAYHATWV: EPNEIPIEG and Tov EAANVIKO X®-
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po, K. Makpa, N. KAAQung, A. Avactaoiadng kal A. Kw-
HOBpOHOG

7.5 Zeiogik avadAuon @PAYHATOV dand KUKA®MEIO
OKUPOSENA KAl AVTICEIOHIKN EVioXUuon HE NPOEVTE-
Tapéva aykupia, . Xp. MaATidng

7.6 ApIOUNTIKA avdAuon TNG CEICHIKNG ANOKPIoNG Kdal
PNYHATWONG PPAYHATOG and KUAIVOPOUHEVO OKU-
podepa (RCC), I'. MnoukoBdaAag, K. AvdpiavonouAog
kal N. Moutaepng

7.7 Zeiopikn a§loAdynon Tou @payparog Taupwnou:
Mn-ypapHIKR duvapikn avaAuon @payHatoG-kKol-
Aadag-udarog, M. NTakoUAag, I'. ©avonoulog, .K. A-
vaoTacdnouAog kal X. Afuou.

7.8 BeATimon ToU avTICEIOHIKOU OXE3IAOHOU HEYAA®V
ppaypatmv AiIBoppinng pe avavrn nAdka okupo-
d€parTog, E. STaupoBeodwpou kai M. NTakoUuAag

Zuvedpia 8 : Kataokeun ®payparmv

8.1 To ®paypa Mapadiag Mukovou - NMapakoAouOnon
TNG CUMNEPIPOPAg eni 3 £€Tn META TNV KATAGKEUNR,
A.T. KoUpouAog kai ©.1. KopylaAog

8.2 Anokardotacn ®payparog Kapapov NRoou Zi-
¢pvou, N.I. Moutapng

8.3 KaTaokeurn ToOu avaX@wHpaTog Tou ppayHarog AoTe-
piou otov NMotaud Mapaneipo, . NTouvidg , =. Za-
keAAapiou, M. AigpavTtonoUAou, I. ©€o0dwpakdNOUAOG,
. MouAivog kai I. KapaBokupng

8.4 ®paypa ZoA£ag, NoloTikoi EAgyXol Kal NnapakoAou-
Onon karda Tn S1IapKeEIa KATAOKEURNG, STéAAa MaTtod-
An, Mwpyog NTouviag kail Xpiotog MixanAidng

8.5 TEXVIKA KAl YEWTEXVIKA OTOIXEIO KATAOKEUNG Kal
in nAnpwon Tou ®payparog AnocsAéun KpRTng,
A. Zwpakog, =. Aalapidou, I. Kapanavayiotng, A. Mkio-
Aag, Z. Mixag, A. Kotowvng, M. KaBBadag kai M. Mapi-

VoG
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EONIKO METZOBIO NMOAYTEXNEIO
ZXOAH NMOAITIKQN MHXANIKQN
EPFAZTHPIO AIMENIKQN EPIrQN

6° MANEAAHNIO ZYNEAPIO AIMENIKQN EPrQN
AOnRva 25 - 28 NogupBpiou 2013

To EKTO MANEAAHNIO ZYNEAPIO AIMENIKQN EPIQN, A-
onva, 11-14 NoeuBpiou 2013, opyavwbnke PeTa TO MpPWwTO
Tou 1997, To AeUTepo Tou 2000, To TpiTo Tou 2003, TO TE-
TapTo Tou 2006 kail To MéunTto Tou 2010. ZTOXEUE OTNV Q-
vTaAAayr ENIOTAMOVIK®V AnOWEWY KAl EPMEIpIOV PHETAEU Tou
avbpwnivou duvapikoU Tou anacXoAoUNEVOU HE TNV £PEuva,
Tov OXedIAouO, TNV HWEAETN, TNV KATACKEUN Kdl TOV Mpo-
YPAUMATIONO TWV AIMEVWV KAl TWV AIPEVIK®OV €pywv. H npw-
ToBouAia, kal os peyalo Babud n xpnuatodoTnon, avaine-
Onke and 1o Epyaotnpio Alpevikwv Epywv Tou E.M.M. ZTnv
OIKOVOMIKA unooTApIEN Tou ouvedpiou onuavTikg ATav, o-
nwg navrtoTe, n ouppeToxn Tng O.A.M. A.E., npog Tnv onoia
ekppalovTal suxapIoTieC.

O1 BepaTikéG EVOTNTEG, OI OMoieG ENEAéynaav ATav ol enOpe-
VEG £EI :

(@) Mey£bn Zxediaopol kal KaTaokeung AIPEVIK®V 'Epywv.
(B) MeAetn Aipevov oe duaiko Mpooopoimpa. (y) Zxedia-
OHOC Alévwyv, MeAéTn kal Kataokeun Aldevikov ‘Epywv,
Alapoppwaon AIPeviKAG Zavng. (8) MepIBaAAOVTIKEG EMINT®-
osic and Tnv KaTtaokeun kal Asitoupyia Aipévwv. (g) Ta Ai-
Mevika ZuoTrpata EAAadag kai Kunpou. (oT) Oeopikd nAai-
glo Asiroupyiag Alpévwv - IdiwTikonoIinoslig. EmnAgov unnp-
Xav kai ol duo €1dikeg ouvedpieg (a) Mpoypapuartika =xedia
(Master Plan) Aipévwv kar (B) MepiBaAdovTikn Alaxeipion
AlJéVwv, Mia €10IKn opIAia pe TiTAO ©egpaTika npofAnuara
oTov AVTIOEIONIKO YNoAoyIopO AIPeviKwV 'Epywv Kal oTov
Mpoadiopiopd Tou MeyioTou Ywoug KUpatog kai TEAOG n
Mapouciacn ApactnploTATWV Aleublvoewg Algevikwv ‘Ep-
ywv kal ‘Epywv Agpodpopiwv Yrnoupyeiou A.A.Y.M.A.

MapouoidoBnkav ouvoAika 43 €ionynoeiG, Ol OMoieg yivav
dekTEC ano Tnv Emiotnuovikh Emimponn Tou Suvedpiou WETA
and pia apxikn Kpion Twv NEPIANYEWV TOUG.

ExppalovTal Beppeg euxapioTieg Nnpog 6Aoug, dooug ouveRa-
Aav oTnv €rolipacia Tou napovTog TOMOU Kal €V YEVElI TOU
Juvedpiou. H oupPoAn Twv peAwv Tng Emornpovikng Eni-
TPOMNG Kal TV KPITWV NTav 131aitepng onuaaciag.

deBpoudpiog 2014

O Mpoedpog TnG OpyavwTikng EmTponng
K. I. MouTZoUpng

KaénynTng E.M.M.

OepaTikn EvoTnTa 1:
Mey£0n Ixediaocpou kal Kataokeung AIHEVIK®OV ‘Epywv

1  To EAANvIKO AIgevIKO ZUoTnpa oTa nAdiola Tou
VEou XapTn TWV Algupwndik®v AIKTU®WV MeTago-
pov : PoAog kair MpoonTikéG, lMavvonouhog [.A.
(MpookekAnuévn OpiAia)

2 TpiodiaoTarn NPocoHOoI®WoN KUHATOYEVMV PEUHA-
TV anoé Tn 6palon KUPATWV oTNV napaxkTtia {ovn,
KoAokuBag IM.A., Afjuag A.A.

3 MeTpnoeig TupB®3OUG PoORG UNEPavw npavoug
OYKOAIOWV epyaocTnpiakol OMHOI®HATOG KUHATO-
OpavoTn pe TN HEBOSOo PIV, Malavn K.A., Afuou 1.A.,
KapayewpyonouAog E.I"., Afuag A.A.
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4  ApIOUNTIK NPOCOHOI®ON PpOo®MV HE eAelOepn eni-
Paveia kara tn 31Gdoon KUHATWV HECK TNG HEOO-
dou gupanTiopévou opiou, KouTtpouBein O.1., Afuag
A.A.

5 ApIOUNTIKNA npooopoiwon NAAAOHEVNG PORG YUp®
ano unofpuUxio aymyo KOvTa O NUOMEva HE TN
HEBOB0 spBanTiogévou opiou, dovidg E.N., Anuag
A.A.

6 TMpooopoiwon TOU KUHATIKOU nediou nave ano
nulpéva petaBaAAopevou Badoug, Manadonoulog
K., M&uog K.A.

7 MabnuaTikl NpoCoHOoIWoN TWV ENINTOCEWV TNG
KAIHATIKAG aAAayng ota AIHEVIKG €épya — SUHBOAR
OTOV €NAvaoyediaopo Toug, Kapaundg ©., XpioTo-
nouAog 2.

OepaTikin EvoTnTa 2:
MeA£Tn Alpévov o Puoiko Mpooopoiwpa

8 MNezipapaTikn JIEPEUVNON KUHATIKAG UnepnAdnong
OTO VEO AEPOJIASPOHO TOU aepodpopliou «MAKE-
AONIA», MNavTton O., Alopdkog ., MoutloUpng K.I.

9 MeA€Tn Ot PUOIKO NPOCOHOIMHA TV VEWV EPYWV
oTtov enifatikd Alpéva Mepaid yia e§unnpérnon
HeydAwv kpoualieponAoiwv, MNavron ©., Oegoxapng
1., Alopakog 2., MouTZoUpng K.I.

Mpwtn E181kN Zuvedpia

10 nMpoypappatika Zx€dia (Master Plan) Aipévov,
Kapapivakng A.

Osparikn Evornra 3:
ZXedIaopOG AIgEvmV, MeAéTn ka1 Kataokeun AIMEVI-
K®OV ‘Epywv, Alapoppwaon AIHEVIKNG ZOVNG

11 Apaoeig ka1 Epneipieg : Aigavi — NMoAn, NMoAn - Ai-
Havi, Mnpag 1. (MpookekAnuévn OpiAia)

12 BeATioTOonoinon TnG anédoong dIATPNTWV caisson
yla TNV napaywyn evépyeilag ano kUparta, Bulikag
0.1., Greaves D.

13 Awata€eig €Eac@aAiong o1dnpoTpoxi®OV Yepavou
KpNMId®OHATOG ZTaOHoU EpNopeupaToKIBmTIiOV,
Alopdakog 3.

14 AIJEVIKR 3paocTNPIOTNTA, CUYKOIVMVIAKN UNOOCTH-
pIEN ka1 mBavég aoTikég peTaAAa&eig : To napa-
deiypa tng Narpag, Mwpaitng K.

15 AnoO£cosig oTnV £€i0080 papivag Kal NPOTACEIG a-
VTIHETONIONG TOU nNpoBARMATOG, MaupavTwvakng
A.I., Méuog K.A.

16 YnoOaAdaooia onpayya Aéovrog otov Aipéva Mei-
paiwg, Toatoavipog X., BavroAag B., Aotepiou IM.

17 Emnu@pévia onpayya MpoAipévog Melpaia, Toa-
Toavigog X., BavtoAac B., Aatepiou M.

18 H &e@appoyl OCUOTNHATWV AIHEVIKAG KOIVOTNTAG
(port community systems) oToug €AAnvikoUg Ai-
Héveg — H nepinTtwon Tou Opyaviopou Aipévog H-
youpevitoag, MniZakng A., Tooukog I.

19 Enéktaon Aipéva Aaupiou npog voTo: BeATtioTo-
noinon 31aTOHNG ENEKTACEWG NMPOCHVEHOU HWAOU,
SoAopwvidng X.A., Mnoutartng A.M., Mapivog M.

20 Aigpelivnon TNG EVTATIKONOINONG TNG KUMATIKAG
dpdong ota karavrn HOAou Aipéva, Kougain M.,




ApevToUAng B., Mavton ©., TooukaAda B.K., MoutloU-
png K.I.

Ocparikn Evornra 4:
MepIBAaAAOVTIKEG ENINTOOEIG ANO TNV KATAOKEUR Kal
AsiToupyia Aigévev

21 Aiaxeipion BuBokopnuaTwv o€ eEAANVIKOUG AIPEVEG
Kal Tpénog 31a0eon¢g Toug, o£loc M., Avactacakng I.,
KawipaAng B., =npokwoTtag N. (MpookekAnpévn OpiAia)

22 2XediacpoG napdAAnAou kupartoBpaloTn HE XpPN-
on apiBUNTIKAG NPOCOHOIMONG KUHATWV KAl nEpPI-
BaAAovTikKAG BeATioTONOINORG TOU, [OUAOUMNG Z.,
Xwpevidng A., Afpag A.A.

23 Zxediaocpog Aigevik®v nulAwv diapuyng — H nepi-
nTwon TnG Zavropivng, Zinpng I., Kokopoputng A.,
MupnuAn K.

24 MepiBaAlovTikn Owpakion TOV AIHEVOV HE Th dn-
HIoupyia OUYXpPOVWV EYKATACOTACE®WV UNOJOXNG
anoBAnTWV TwV nAoiwv, Wapouixalakng M.

25 AVTIHETOMNION TWV NEPIBAAAOVTIK®OV ENINTOCEMV
ano TNV KATAOKEUR Kal AsiToupyia AIHEVWOV HE &-
PApHOYEG KATAAANA®WV TeXvoAoyi®v, KoAAlag M.Z.,
KoAAlag B.M., KOAAIag .

AcUTepn E181KN Suvedpia
MepiBaAAovTikn Alaxeipion AIHEVOV

26 MNepiBaAlovTikn Jdiaxeipion AIHévov. Kupia eni-
TEUYHATA TOV EAANVIK®OV AIHEVOV KAl NPOKANCEIG
yia To géAAov, Maiavtlag I.N., Navionoulog A.®.

27 BIOAOYIKEG NApAHETpoOl Kal diaxeipion Tng pionoi-
KIAOTNTAG oTa Aipavia : Taoeig, deikTeg, napadeiy-
Hata ano Tnv EAAGda, Avtwviadou X., ToeAévTng B.,
XivtiipoyAou X.Z.

28 H diaxeipion Twv anoBARTWV o€ AIpEveG. AiIdaypa-
Ta and Tnv eAAnvikn npaypaTikoéTnTa, Nanaxprnortou
E., MaAdavtZag I'.N.

29 EE0IKOVOHNON EVEPYEIAG KAl (PUOIK®OV NOpwV OTdA
Aigéavia, Bayponouhog 2.1., MnakipTlnc A.T.

30 Alaxeipion TnG kKivhong HECwW AIMEVIK@®V E£ykKata-
OTACEWV HE OTOXO TN HEiwoN TG punavong, MNoiAé
M.

31 NepiBaAAOVTIKOG OXESIAOHOG AIHEVIKOV £PYWV HE
XPAON HAONHATIK®OV OHOIOHATWV, Kapaunag O.,
KouTitag X.

@eparikin Evornra 5:
Ta Aigevika Zuotnapta EAAG3ag kai Kinpou

32 To Aipeviko ZuoTnpa EAAGSag : MoooTika oToIXEia,
BapTteAatou ., KapynoupéAAn M., Moutlolpng K.I., Za-
pavTivog M.

33 MpoBAnpara Aipévwv Melonovvioou, MNanagwTiou
A., NManagwTiou E.

34 YnoOaAdooleg AUTOWIEG AIHEVIK@OV EYKATACTACE®V
Kal anokaracraon BAapwv, ManadonoAng - AsTlwp-
T¢nG A.N.

35 MéEtpnon anodoTikeTnNTag Twv Jmdeka Opyavi-
OH®OV AIHEVOV TNG EAAGSAG & TOV SIKTUMV AUTOV :
Mia pn napapeTpikn npoogyyion, MNpiykog I., Mnap-
dag X.
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OcepaTikin EvoTnTa 6:

@eoMiIkO MAaicio AsiToupyiag AIpéEvev — ISI0TIKONOIN-
OEIg

36 Avadiapop®pwon Tou AlgupwndaikoU AikTUou Me-
TAQOpP®WV Kal avantuin Twv eAANVIKOV AIHEVWYV,
MAaTiag X.

37 Ztpartnyikn a&ionoinong UQICTAHEVWV TOUPIOTI-
KOV AIHEVOV TG X®Wpag oTta nAaicia Tou £pyou
NEREIDS Ttou Tapeiou AZionoinong ISIwTIkNAG MNe-
piougiag Tou Anpogciou (TAIMEA), Mnoutdtng A. M.,
Poykav A. I., SoAopwvidng X. A., KpoUoka A., Mabnko-
Awvng ©.

38 Ava@swpnon supwndiknG AIPEVIKAG MOAITIKAG -
MovTéAa avantuing AIgévov — ISIOTIKONOINOCEIG,
Makpng A.

39 IMpoadiopIocHOG onpEiwv ocup@opnong kai eAAei-
YEIG OUVOECEWV OTOUG AIMEVEG TnG AJSPIATIKAG,
ToaunouAag A.A., Zgaljic D., Aékka A.M., PévTZiou A.

40 Apevikég kal TEAwveIakEG d1adikaoieg oTnV nNepio-
XA TnG Meooyeiou : ZuyKpITIKA napouciaocn Tng
UQICTAMEVNG KATACOTACE®WG, ToaunoUuAag A.A., Aékka
A.M., PévtZiou A.

41 H sviaia nAMAEMIERNEDIA piGa IVily RARIATNTAG AIPE-
vwv Adpiatikng, ToaunoUAag A.A., MnaAAng A.O.,
Kapouoocg I. K.

E181kr) OpiAia

42 OepaTikG npoBARHATA OTOV AVTICEICHIKO UnNoAoyi-
OMO AIPHEVIK®OV £pYWV Kal OTOV NPocdiopICHO TOU
HeyioTOU UWoug KUHAToG, AaokaAakng M.

Mapouciaon ApaocTnPIOTATOV

43 Mapouciaon dpacTnploTATOV AIEUOUVOE®WG Alpe-
VIK®OV '‘EpywVv kal ‘Epynv Aspodpopinv Ynoupyeiou
A.A.Y.M.A., MoAiTénouhog M., Kapaiokou E., Tooupe-
kNG K., TauAdkng I.




AIAAE=EIZ

~ & FEQTEXNIKHE
MHXANIKHE

ENERGY GEOTECHNOLOGY
The Role of Geotechnical Engineers in the
Energy Challenge

Tnv AcuTépa 16 ZentepPpiou 2013 napouaciacdnke and Tov
Carlos J. SANTAMARINA, Ap. MoAiTikd6 Mnxaviko, Professor
of Civil and Environmental Engineering, Goizueta Founda-
tion Faculty Chair, Georgia Institute of Technology, Atlanta
OIAAEEN pe TiTAo «<ENERGY GEOTECHNOLOGY - The Role of
Geotechnical Engineers in the Energy Challenge». H idia 8-
AaAe€n napouciaoBnke TNV enopevn oTnv MOAUTEXVIKR SXOAN
Tou ApiaToTeAeiou MavenioTnuiou Oecoalovikng.

Energy and growth are intimately related. There will be a
pronounced increase in energy demand in the next decades
associated to economical development and population
growth worldwide. This situation will exacerbate current
issues related to the spatial distributions of supply and de-
mand, the dependency on fossil fuels and its environmental
consequences. Geotechnology is at the center of the energy
challenge, from production, transportation, consumption
and conservation, to waste management and carbon se-
guestration. Phenomena involved in energy geotechnology
often relate to classical topics in our field. Hydraulic fractur-
ing is essentially a geotechnical process. Fines migration
and formation damage in oil and gas recovery are akin to
filter criteria and clogging, while oil and gas recovery and
CO, storage are in effect unsaturated soil mechanics and
mixed fluid flow problems. Further, hydrate-bearing sedi-
ments have many common features with frozen ground
engineering, the analysis of geothermal piles must consider
thermal consolidation, fly ash impoundments can experi-
ence static liquefaction, and reactive fluid transport follow-
ing CO; injection and water acidification parallels karst for-
mation. There are other energy-related geo-phenomena
that push our classical boundaries. Typically, they involve
coupled hydro-thermo-chemo-bio-mechanical processes
such as the design of nuclear waste repositories, emergent
phenomena such as various forms of localizations, and spa-
tial variability inherent to large-scale field projects.

2YNTOMO BIOTPA®IKO *HMEIQMA OMIAHTH

Santamarina and his team explore the scientific foundations
of soil behavior and subsurface processes using innovative
particle-level and pore-scale testing methods, combined
with numerical methods and high-resolution process moni-
toring systems. This conceptual and experimental frame-
work is used to advance the study of phenomena and the
development of solutions in energy geotechnology with
contributions to: efficiency and conservation, resource re-
covery (petroleum, methane hydrates), energy geo-
storage, and energy waste (carbon geological storage, fly
ash and nuclear waste). Two books and more than 250
publications summarize salient concepts and research re-
sults. His former doctoral students are faculty members or
lead engineers at foremost universities and organizations
worldwide. Dr. Santamarina is a frequent keynote speaker
at international events, a member of both Argentinean Na-
tional Academies, and a member of committees at the USA
National Academies. He holds a Ph.D. from Purdue Univer-
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sity, M.S. from the University of Maryland and BSc from
Universidad de Cordoba.

H napouaciaon €xel avapTndn oTnv IoToogAida Tng EEEEMM.

O3 D

“ & FEQTEXNIKHE
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MEeA£ETN KAl KATAOKEUR ONAICHEV®OV ENIXOOEWV
avtioTApIENg

Tnv Mepntn 24 OkTwBpiou 2013 napoucidobnke and Tnv
Xaidw AoUAaia - Rigby, MoAimikd Mnxaviko, Chief Civil En-
gineer, Tensar International, dIGA€EN pe TiTAO «MeAETN Kal
KATAOKEUM ONAICUEVWV EMIXWOEWV AVTIOTAPIENG>.

H mapouacia Tng eraipiag Tensar ota Hvwuéva ApaBika Epi-
para &ekivnoe oTig apxég Tou 2000 pe TNV PEAETN Kal KATA-
OKEUM OMAIONEVWV EMIXWOEWY avTIoTAPIENG yia Tn d1avoIgn
Tou auTokivnTddpopou Tng Dibba. To €pyo auTod, To PEYIOTO
UWoG TwV ONAICHEVWYV EMNIXWOEWY OE Hovr avapabuida &-
(PTAoE PEXP! KAl Ta 19 pETpa kal pe kAion avapfabuou oToug
86° eV N OUVOAIKN KATakopupn npdoown TwV OnAIOUEVWOV
ENIXMOEWV MOU KATACKEUAOTNKAV YIa TNV OAOKARPWON Tou
£€pyou ATAv TNG TAENG Twv 45.000 m2 H enituxnc, Taxeia
Kal OIKOVOWMIKI OAOKARPWGON TOU £pyou KaBIEPWOE TO OVOUA
TnG Tensar atov ApaBiko KOANO ouvTeAwvTag otnv diadoxn
TOU ENOMEVOU HEYAAOU €pyou aTnv idia neploxn, Tn diavoi&n
Tou KkaivoUpiou auTokivnTOdpopou peTa&u  Fujairah kai
Dubai, To onoio ATaAv kai To AvTIKEINEVO TNG Napouaciaong.
To £pyo nepIAauBAvel TRV PEAETN KAl KATAoKeun 29 auTtdvo-
MWV ONAIOHEVWV EMNIXWOEWV E PEYIOTO apiBuo avaBaduidwv
£WC 3 Kal OUVOAIKO Uwog avaBaduidwyv peExpr kar 60 peTpa
EV® N OUVOAIKN KaTakopupn npdooyn TwV ToiXwv Mou Ka-
TAOKEUAOTNKAV YIa TNV OAOKARPWON TOU £pyou ATAv TNG
TaEng Twv 100.000 m2. H napouciacn nepieAayfave Tnv
HEBODO HEAETNG, T@ UAIKG KATAOKEUAG, TOV TPOMO KaTta-
OKEUNG KaBwG Kal PETPNOEIC HETAKIVATEWY TWV MOAUMEPIKA
ONAICHEVWV EMIXWOEWV TOOO KATA Tn JIAPKEId KATAOKEUAG
Kabw¢ Kal JETA TNV OAOKANPWOT TOUG.

2YNTOMO BIOIPA®IKO ZHMEIQMA OMIAHTPIAZ

H X&idw AoUAaAa-Rigby (MoUARn) eival MoAImikdg Mnxavikog
pe €Eeidikeuon oTa MewTeXVIKA Kal epneipia 214+ XpoOvwv.
Eival pélog Tou Hong Kong Institution of Engineers (Geo-
technical), Chartered (CEng) Tou UK Engineering Council,
Fellow of the Institution of Civil Engineers kai WéAog TG
EEEEIM.

H MoUAn epyaletar oav Chief Civil Engineer otnv Tensar
International pe €dpa Ta KevTpika ypageia oto Blackburn
NG AyyAiag kar €xel und Tnv €NONTeia TNG TOV TEXVIKO EAEY-
X0 TwV unodAoinwv ypagsiwv Tng Tensar Ta onoia BpiokovTal
otn leppavia, OAAavdia, FaAAlia, A@pikn, Pwaia, Hvwpéva
ApaBika Epiparta, =aoudikry ApaBia, MaAaigia, Ivdovnaia,
Kiva, AuoTpaAia kai Néa ZnAavdia.

MRApe To NpwTO TNG NTUXio and To TexvoAoyiko EkNaideuTikod
'Idpupa (TEI) ©sooalovikng orta 'Epya Ynodoung 1o 1991.
Ano ekei ouvéxioe TNG onoudEg TNG oTnv AyyAia PE unoTpo-
¢ia Tou «ERASMUS». Mnpe To nTuxio Bachelor of Engineer-
ing pe €dikdTNTa [MoAiITikoU Mnxavikou (BEng in Civil
Engineering) ano To MavenioTApio Tou Sunderland kai ortn
ouvéxela ékave Master of Science pe €181kOTNTa oTn Bpaxo-




pnxavikn kal Ogpeliwoelig (MSc in Rock Mechanics and
Foundation Engineering) oto MavenioTrpio Tou Newcastle
upon Tyne. MeTa TNV anogoiTnon TNG £pydcTNKE 0av YEW-
TEXVIKOG MNXAVIKOG yia &va xpovo oTnv d1avolEn / enéktaon
TnG onpayyag Jubilee Line Tou unoysiou c1dnpOdPOUOU TOU
Aovdivou (London Underground). =Tn ouvéxeia WUETERN OTO
Xovyk Kovyk T0 1996, 6rnou napspsive yia Ta endpsva 10
Xpovia. EKei epydoTnKe 0av YEWTEXVIKOG MNXavikog yia Tnv
AyyAikn) HEAETNTIKN €Talpeia Mouchel og didpopa kar noAu-
NoikIAG £pya YEWTEXVIKNAG QUONG Kal KUpiwG O £pya oTabe-
ponoinong aotabwv npavwyv. To 2005 n MNoUAn enéoTpeye
otnv AyyAia Kal OUVEXIOE TNV YEWTEXVIKA TNG KapIiEpa nn-
yaivovtag otnv Tensar gav enontelwv HNXavikdg tng Ay-
YAIKAG MEAETNTIKAG opadag apxika Kdl oTn CUVEXEId oav
Chief Civil Engineer.

H ToUAn €ival evepyd HPEANOG TNG TEXVIKNAG EMITPONNG YEW-
ouvBeTIkwV TNG AyyAiac (Committee member of the Inter-
national Geosynthetics Society, UK Chapter) kabwg eniong
Kal TNG opyavwTIKAG €mTPonng Tou IvoTimtoUTou MOAITIK®V
Mnxavik®v Tng BopeioduTikng AyyAiag (ICE NW).

H napouaciaon €xel avapTtn®r otnv iIoToceAida Tng EEEEMM.
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EKTEAEZTIKH ENITPONH EEEENM (2012 - 2015)

Mpoedpog : Xpnotog TEATSANIPOS, Ap. MoAITIKOG Mnxavikdg, MANTAIA SYMBOYAOI MHXANIKOI E.M.E.
president@hssmge.gr, editor@hssmge.gr, ctsatsanifos@pangaea.gr

A’ AVTINpoedpog : Mavayiwtng BETTAZ, MoAITIkOG Mnxavikog, OMIAOZ TEXNIKQN MEAETQN A.E.
otmate@otenet.gr

B’ AvTinpoedpog : MixaAng NMAXAKHZ, MoAITIKOG Mnxavikog
mpax46@otenet.gr

levikog Mpappareag : Mapiva MANTAZIAOQY, Ap. MoAimikdg Mnxavikdg, AvanAnpwTpia Kaényntpia E.M.M.
secretary@hssmge.gr, mpanta@central.ntua.gr

Tapiag : MavwAng BOYZAPAS, MoAITIKOG MNXavikog

e.vouzaras@gmail.com

AvanAnpwThg Tapia: Mmpyog NTOYAHS, MoAmikdg Mnxavikog, EAAGOMHXANIKH A.E. FEQTEXNIKEE MEAETES A.E.
gdoulis@edafomichaniki.gr

'Eqopog : Mwpyog MMNEAOKAS, Ap. MoAITIkog Mnxavikdg, Kévrpo Aopikwv Epeuvmv kal MpoTunwv AEH
gbelokas@gmail.com, gbelokas@central.ntua.gr

MéAN : Avdpéag ANAINQZTOMOYAOZ, Ap. MoAITIKOG Mnxavikog, OpdTIiHog KaBnyntng EMM
aanagn@central.ntua.grn

MixaAng KABBAAAS, Ap. MoAITKOG Mnxavikog, AvanAnpwtng Kaényntng EMN
kavvadas@central.ntua.gr

AvanAnpwparika
MEAR : Xprotog ANATNQSTOMOYAOS, Ap. MoAITikog Mnxavikdg, Kadnyntng MoAuTexvikng ZxoAng AMO
anag@civil.auth.gr, canagnostopoulos778@gmail.com

>nupog KABOYNIAHZ, Ap. MoAITikog Mnxavikdg, EAA®OS SYMBOYAOI MHXANIKOI A.E.
scavounidis@edafos.gr

AnunTpng KOYMOYAOZ, Ap. MoAITikog Mnxavikdg, KASTQP E.M.E.
coumoulos@castorltd.gr

MixdAng MMAPAANHZ, MoAITikdg Mnxavikdg, EAA®OS SYMBOYAOI MHXANIKOI A.E.
mbardanis@edafos.gr, lab@edafos.gr

EEEEIM

Topéag FrEWTEXVIKAG TnA. 210.7723434

2XOAH MOAITIKQN MHXANIKQN Tor. 210.7723428

EONIKOY METZOBIOY NOAYTEXNEIOY HA-AI. secretariat@hssmge.gr ,
MoAuTtexveiounoAn Zwypagpou geotech@central.ntua.gr

15780 ZQrPA®OY IotooeAida www.hssmge.org (und KaTaokeun)

«TA NEA THX EEEEMM» Ekd0TNG: XproTog Toatoavipog, TnA. 210.6929484, ToT. 210.6928137, nA-31. pangaea@otenet.gr,
ctsatsanifos@pangaea.gr, editor@hssmge.gr

«TA NEA THZ EEEEMM» «avapT@vTal» Kal oTnv 10TooeAida www.hssmge.gr
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